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Abstract 
i 
Abstract 
Gli argomenti trattati riguardano principalmente la valutazione delle prestazioni di telai 
in soluzione composta acciaio-calcestruzzo ad elevata duttilità e termicamente non 
protetti, soggetti sia ad azioni sismiche sia a carico d’incendio.  
La definizione del telaio da adottare come caso studio e su cui effettuare le analisi è 
stata condotta in collaborazione con i partners del progetto di ricerca Europeo ECCS 
Precious (PREfabricated ComposIte beam-to-concrete filled tube or partially reinforced-
concrete-encased cOlUmn connections for severe Seismic and fire loadings). 
Il lavoro è nel complesso articolato in sei parti di cui le prime tre costituiscono 
un’introduzione all’argomento con la specifica degli obiettivi prefissati nonché uno stato 
dell’arte concernente in particolar modo l’individuazione dei principi che informano il 
settore della structural fire engineering. In seguito all’individuazione delle problematiche 
inerenti al tema trattato, viene poi descritto l’approccio metodologico proposto ed 
applicato all’analisi del caso studio, argomento di cui trattano i restanti tre capitoli. In 
particolare, nei capitoli quattro e cinque sono analizzate e quantificate rispettivamente le 
prestazioni del telaio in oggetto nei confronti delle azioni sismiche e del carico d’incendio 
considerate come azioni isolate. Nel capitolo 6 invece, sono stimate le prestazioni della 
struttura nel caso in cui l’incendio sia considerato non più un evento naturale bensì una 
diretta conseguenza dell’azione sismica.  
L’approccio metodologico proposto sottolinea la necessità di introdurre principi 
progettuali specifici che mettano in conto tutte le azioni in gioco sino dalla definizione 
dell’idea concettuale dell’edificio stesso in modo tale da ottenere soluzioni che risultino 
vantaggiose sia in termini di prestazioni strutturali sia in termini economici. A tale riguardo, 
vengono proposte ed analizzate nel dettaglio diverse soluzioni strutturali, variabili da 
quella in solo acciaio a quella completamente composta. In questa fase, oltre al progetto 
per le azioni sismiche in corrispondenza di alcuni valori del fattore di struttura q, viene 
analizzata anche la capacità portante di diverse tipologie di colonne in presenza di 
temperature elevate. A tale scopo, è stata di sviluppata un’apposita procedura per la 
determinazione dei domini resistenti (M,N), adattabile a qualsiasi tipo di sezione e per 
qualsiasi curva di riscaldamento che tiene conto della effettiva distribuzione di 
temperatura e delle proprietà meccaniche dei materiali a temperature elevate. A 
conclusione di questa fase di analisi delle diverse soluzioni strutturali si è osservato che 
scegliere una tipologia completamente composta non comporta particolari vantaggi se 
vengono messe in conto solo le azioni sismiche. Tuttavia, le colonne con sezione 
circolare cava in acciaio e riempite di calcestruzzo mostrano un comportamento 
nettamente migliore rispetto alle altre durante l’esposizione alla curva Standard ISO834 in 
termini di capacitò portante ad elevate temperature. Al fine di poter utilizzare questa 
tipologia di colonne, è stato necessario affiancarle a delle travi composte garantendo solo 
in questo modo una rigidezza laterale complessiva del telaio tale da soddisfare le verifiche 
allo stato limite di servizio nella combinazione sismica. Le prestazioni sismiche della 
soluzione adottata sono state valutate, nel caso del telaio a duttilità elevata (q=6), tramite 
un’analisi statica non lineare in termini di target displacement. La domanda in termini di 
spostamento in sommità è risultata soddisfatta in corrispondenza di ciascuna distribuzione 
orizzontale dei carichi presa in considerazione, pertanto le prestazioni del telaio nei 
confronti delle azioni sismiche sono risultate soddisfacenti. 
Nel Capitolo 5 vengono analizzate in dettaglio le prestazioni del telaio nei confronti 
del carico d’incendio. Innanzi tutto, al fine di individuare le condizioni al contorno più 
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gravose per il sistema strutturale in esame vengono analizzati diversi possibili scenari 
d’incendio. In seguito, viene eseguita un’analisi termica delle sezioni soggette alla curva 
ISO834 in modo da determinarne l’effettiva distribuzione di temperatura, dopodichè 
l’effetto delle azioni termiche viene combinato con i carichi verticali applicati. Essendo la 
condizione di vincolo offerta dalle colonne di fondamentale importanza anche per il 
comportamento della trave soggetta al regime termico, il comportamento della trave 
all’interno del telaio viene confrontato con quello di una trave isolata delle stesse 
dimensioni soggetta a quattro diversi tipi di condizione di vincolo ideale. I risultati di 
quest’indagine hanno mostrato che il comportamento della trave in oggetto è assimilabile 
a quello di una trave isolata con incastro ed appoggio scorrevole alle estremità. Inoltre, al 
fine di individuare una possibile situazione d’incipiente collasso per la struttura in esame, 
lo stato di tensione in alcune sezioni “critiche” sia delle travi che delle colonne è analizzato 
nel dettaglio confrontando l’evoluzione nel tempo delle tensioni con la variazione del limite 
di snervamento per quanto riguarda l’acciaio e della massima compressione per quanto 
riguarda il calcestruzzo. Operando in questo modo si osserva che la situazione di collasso 
incipiente coincide con il raggiungimento dei valori limite di tensione in corrispondenza di 
tre sezioni critiche (agli appoggi ed in mezzeria) per la trave di luce maggiore. Infine, 
utilizzando la procedura appositamente sviluppata, sono stati determinati per tali sezioni i 
domini resistenti a temperatura elevata in corrispondenza di diversi istanti significativi e 
confrontati con la coppia (M,N) sollecitante corrispondente. Le prestazioni del telaio nei 
riguardi del carico d’incendio sono risultate più che soddisfacenti in quanto la condizione 
descritta di incipiente collasso si è verificata dopo circa 40 minuti di esposizione alla curva 
di riscaldamento.  
Nel capitolo 6, infine vengono analizzate e quantificate le prestazioni del telaio 
considerando possibili scenari di incendio e di danneggiamento strutturale verificatisi in 
seguito ad azione sismica. In particolare, vengono analizzati tre scenari di danno e la 
prestazione offerta è quantificata in termini di riduzione del tempo di sopravvivenza della 
struttura rispetto al caso di riferimento, ovvero quello in condizioni non danneggiate 
descritto nel capitolo 5. Il danneggiamento strutturale prodotto dal sisma è descritto in 
termini di drift residuo determinato mediante analisi dinamica non lineare, dove l’azione 
sismica è modellata mediante una serie di accelerogrammi spettro-compatibili tutti aventi 
una accelerazione di picco pari a quella del sisma di progetto, ovvero 0,35 g. Oltre al 
danneggiamento strutturale, vengono presi in considerazione altri possibili scenari di 
danno quali la possibilità di distacco della lamiera grecata dalla soletta in calcestruzzo in 
seguito alle azioni cicliche indotte dal sisma ed infine la possibilità che l’incendio divampi 
in due compartimenti adiacenti a causa della perdita di integrità da parte della soletta che 
in condizioni non danneggiante assolve alla funzione di compartimentazione. I tre scenari 
di danno proposti sono analizzati nel dettaglio ed alla fine è risultato che la condizione 
peggiore ai fini del tempo utile di sopravvivenza dell’edificio è quella in cui l’incendio 
divampa in due compartimenti adiacenti; tuttavia anche in questo caso il comportamento 
risulta più che soddisfacente con una riduzione del tempo utile di circa il 20% rispetto al 
caso di riferimento ma comunque molto prossimo ai 30 minuti che rappresentano 
l’obiettivo prestazionale da soddisfare. Nel caso di distacco della lamiera grecata si 
osserva invece una riduzione del tempo di sopravvivenza del 10% ed infine, nel caso del 
danneggiamento strutturale introdotto come drift residuo, non si rileva alcuna diminuzione 
del tempo utile. Questo risultato è stato spiegato alla luce del fatto che gli spostamenti 
residui causati dal sisma di progetto sono di entità molto modesta e come tali non 
producono alcun particolare danneggiamento nelle colonne, la cui stabilità è di 
fondamentale importanza anche per la sopravvivenza delle travi soggette al regime 
termico. In questo scenario, infatti, il comportamento delle travi scaldate si è rivelato 
identico a quello del caso di riferimento. 
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La struttura a telaio definita come caso studio ed analizzata secondo la metodologia 
proposta, soddisfa pienamente tutti gli obiettivi prestazionali prefissati sia nei riguardi delle 
azioni sismiche e del carico di incendio considerate come azioni indipendenti, sia nei 
riguardi del carico di incendio considerato come diretta conseguenza dell’azione sismica. 
Ciò rappresenta pertanto una conferma del fatto che una struttura ben progettata nei 
confronti delle azioni sismiche e pensata sino dalla sua concezione per sopportare il 
carico di incendio, è in grado di offrire ottime prestazioni anche quando queste due azioni 
non sono più considerate in maniera indipendente. 
 
 
Acknowledgments 
iv 
Acknowledgments 
I would like to thank the following people for helping me so much throughout this long hard 
working period: 
? Prof. Walter Salvatore for giving me the chance to be a part of a research group 
offering me the opportunity to go deep with my studies into very interesting subjects, 
for carefully supervising my work and for offering me invaluable assistance and 
guidance all the way through. 
? Prof. Jean Marc Franssen for supervising my work and providing me with invaluable 
assistance in the use of the finite element program SAFIR.  
? Prof. Salvatore Sergio Ligarò for his unwavering support, for providing me invaluable 
assistance in structural theory, ideas and guidance in the finite element modelling 
theory and for giving me also the basis of programming. 
? Dr Luis Guy Cajot, Dr Mike Haller and Dr. Toni Demarco from the Arcelor-Mittal 
Reasearch Centre in Luxemburg for giving me the possibility of spending a very 
fruitful training period in the field of structural fire engineering as well as an important 
human experience which I will never forget. From the same group I cannot forget 
Olivier Vassart and of course all the other persons working there: Marc, Yves, 
Françoise and Sylvain for really making me feel a part of the group and teaching me 
also some French. 
? All the members being part of the Research Units involved into the ECCS European 
Project Precious for giving me the invaluable opportunity of increasing my 
knowledge thanks to a fruitful cooperation. 
? All my colleagues working with me here in Pisa. In particular to Aurelio for 
supporting me with his experience, Leonardo, Giuseppe and Manaf for their sharing 
with me hard working times and of course also Luca, Barbara, Massimo, Ahmed and 
Francesco for their friendship. 
? My boyfriend Paolo, for his trusting me all the way through always providing me with 
help and support, for his sincere and wise advices and most of all for his sharing 
with me good and bad days. 
? My family, for their unwavering support. My grandpas and grandmas Norico, Vivetta, 
Silvana and Felice (who is not with me any more) for always being so attentive in 
following my steps, my uncle Luigi for his precious advices in following this difficult 
path which he knows so well but most of all my dad and mum, Alberto and Mariella 
for their love and patience and for their always looking at the “sunny side of the 
street”. 
 
Table of contents 
v 
Table of contents 
Abstract............................................................................................................................. i 
Acknowledgments........................................................................................................... iv 
Table of contents ............................................................................................................. v 
1 Introduction and thesis main goals .................................................... 1 
1.1 Fire following earthquakes: key issues ................................................................1 
1.2 Objectives of this work .........................................................................................8 
1.3 Outline of the thesis ........................................................................................... 10 
1.4 References......................................................................................................... 12 
2 Structural Fire Engineering.................................................................14 
2.1 Introduction ........................................................................................................ 14 
2.2 Fundamental mechanical principles................................................................... 18 
2.2.1 Thermal expansion ..................................................................................................... 20 
2.2.2 Thermal bowing .......................................................................................................... 22 
2.2.3 Catenary action........................................................................................................... 24 
2.3 Prescriptive Methods v.s performance-based approach in Fire Design.............27 
2.3.1 Overview of European Standards............................................................................... 30 
2.3.1.1 Fire Modelling......................................................................................................... 33 
2.3.1.2 Design procedures ................................................................................................. 39 
2.4 Conclusive remarks ........................................................................................... 42 
2.5 References......................................................................................................... 43 
3 Steel-concrete composite structures exposed to fire ......................45 
3.1 Introduction ........................................................................................................ 45 
3.2 Simple calculation models ................................................................................. 47 
3.2.1 Composite slabs ......................................................................................................... 48 
3.2.2 Composite beams without concrete encasement....................................................... 50 
3.2.3 Composite beams with concrete encasement............................................................ 52 
3.2.4 Composite columns .................................................................................................... 54 
3.3 Research towards the use of unprotected structures ........................................57 
3.3.1 Conventional structural fire protection systems.......................................................... 58 
3.3.2 Composite steel concrete constructions..................................................................... 62 
3.4 Real tests and fire events .................................................................................. 68 
3.4.1 The Broadgate Phase 8 Fire ...................................................................................... 68 
3.4.2 The Cardington Fire Tests.......................................................................................... 69 
3.5 Conclusive remarks ...........................................................................................73 
Table of contents 
vi 
3.6 References.........................................................................................................75 
4 Seismic design and performance evaluation of a composite steel-
concrete MRF..............................................................................................78 
4.1 Introduction ........................................................................................................ 78 
4.2 Seismic design of composite steel-concrete MRF ............................................. 80 
4.3 The case study: choice of the structural scheme............................................... 84 
4.3.1 Analysis main features................................................................................................ 86 
4.3.2 The ‘optimized’ structural solution .............................................................................. 90 
4.3.3 Performance evaluation: non-linear static analysis .................................................... 99 
4.3.3.1 Moment curvature and axial force moment interaction analysis .......................... 101 
4.3.3.2 Moment-curvature and interaction domains for composite cross-sections.......... 105 
4.3.4 Analysis results......................................................................................................... 108 
4.4 The beam-to-column-connection ..................................................................... 116 
4.4.1 Choice of the structural solution ............................................................................... 115 
4.4.2 Preliminary design: the capacity method.................................................................. 119 
4.5 Conclusive remarks ......................................................................................... 125 
4.6 References....................................................................................................... 127 
5 Fire design and performance evaluation of a composite steel 
concrete MRF............................................................................................129 
5.1 Introduction ...................................................................................................... 129 
5.2 Material properties at elevated temperatures .................................................. 130 
5.2.1 Thermal properties.................................................................................................... 130 
5.2.2 Mechanical properties............................................................................................... 133 
5.3 The study case: application of simple calculation models................................ 136 
5.3.1 The composite slab................................................................................................... 137 
5.3.2 The composite beam ................................................................................................ 138 
5.4 The study case: application of advanced calculation models .......................... 142 
5.4.1 Thermal analysis of cross-sections .......................................................................... 143 
5.4.2 Mechanical analysis of the composite MRF ............................................................. 149 
5.4.2.1 Analysis results .................................................................................................... 152 
5.4.2.2 Determination of interaction curves at elevated temperatures............................. 164 
5.4.2.3 Application of M-N domains at elevated temperatures to composite sections .... 167 
5.5 3D Thermal analysis of the beam-to-column joint............................................ 171 
5.5.1 Description of the model........................................................................................... 171 
5.5.2 Temperature distribution in joint components .......................................................... 174 
5.6 Conclusive remarks ......................................................................................... 177 
5.7 References....................................................................................................... 178 
Table of contents 
vii 
6 Post-earthquake fire resistance of a composite moment frame ...180 
6.1 Introduction ...................................................................................................... 180 
6.2 Seismic induced damage................................................................................. 181 
6.2.1 Case study 1: debonding of the steel sheeting from concrete slab.......................... 184 
6.2.2 Case study 2: simultaneous fire spreading in adjacent compartments .................... 188 
6.2.3 Case study 3: residual inter-storey drift displacements............................................ 195 
6.3 Conclusive remarks ......................................................................................... 198 
6.4 References....................................................................................................... 199 
7 Conclusions and future work ...........................................................200 
7.1 Conclusions and future work............................................................................ 200 
 
1. Introduction and thesis main goals 
- 1 - 
Chapter 1 
Introduction and thesis main goals 
1.1 Fire following Earthquakes: key issues 
In seismic zones, post-earthquake fire is a threatening hazard. Historical records show 
that the damage caused by the following fire sometimes can be much severer than the 
damage caused by the ground motion itself, such as the 1906 San Francisco Earthquake 
and the 1923 Great Kanto Earthquake. The fires following these two earthquakes rank the 
two largest peacetime urban fires [Charles 2003]. The fires after the 1906 San Francisco 
Earthquake destroyed more than 28,000 buildings within an area of 12 km2, with an 
estimated loss of $250 million in 1906 US dollars, and more than 3,000 killed. In that 
earthquake, it is estimated that the loss from the post-earthquake fire is 10 times of that 
from ground motion [Charles 2003]. In the 1923 Tokyo earthquake, there were more than 
140,000 people killed and 575,000 buildings destroyed, with 77% of them were destroyed 
by fire [Usami, 1996].  
Among recent earthquakes, the 1995 Kobe earthquake was probably the most notable 
one. In Hyogo Prefecture, total 181 fires started between January 17~19, in which 96 
were single fires (fire was limited to one building) and 85 were spread fires [Ohnishi, 
1996]. 
The fire ignitions caused many lives loss and huge economic loss. Major contributing 
factors affecting the fire safety of buildings were identified as: accidental ignition due to 
earthquake shaking, external fire spread through vegetation and inadequate building 
separation, earthquake damage to building’s fire safety systems, loss of water supplies for 
fire suppression, and the lack of intervention by fire fighters due inadequate resources and 
obstructed access to the site of the fires [Botting 1998], [Botting et al., 2000]. 
Similarly, occupants within buildings were subjected to increased risk of loss of life due 
to potential damage or failure of the building’s active and passive fire safety features, 
possible obstruction of exit ways due to damage to the building’s fixtures and fittings, and 
reduced likelihood of external intervention [Sekizawa, 1997]. 
Of particular concern was the uncontrolled fire growth that can occur when sprinkler 
systems become inoperative due to system damage or lack of water; sprinkler systems in 
fact have proved to be vulnerable in many past earthquakes. Principal damage scenarios 
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were addressed in the lack of restraint to the system pipe-work and damage to heads due 
to impact with ceilings [Gates et al., 1998]. 
Trade-off provisions allowing reductions in passive fire systems where sprinklers are 
installed have been increasingly incorporated in prescriptive codes since the 1970s, 
however there is little doubt that sprinklers are the most effective form of fire protection 
available [Fleming, 1998], [Beattie 2000 and 2001]. However there is a danger that an 
unacceptable reliance may be placed on these seismically vulnerable systems, which 
could leave the building occupants with little protection from fire after a significant 
earthquake. 
Although sprinkler installations have a high reliability, especially in Australia and New 
Zealand, [Marryatt, 1988], some commentators [Robertson, 2001] and Botting and 
Buchanan (2000)) have expressed concerns at over-reliance on sprinkler systems, 
especially in association with trade-off reductions in passive protection. Barnes (1997) 
highlighted the futility of providing passive protection to compensate for a sprinkler system 
failure unless the protection had a sufficient fire resistance to contain the resulting 
uncontrolled fire. 
Fleming [1998] reporting on the Northridge earthquake recorded the failure of some 
systems due to inadequate seismic bracing. He noted that the systems had been subject 
to earthquake accelerations far exceeding code requirements. Reporting on the same 
earthquake, Gates and McGavin [1998] observed that much damage to sprinkler systems 
occurred due to differential movement where the sprinkler heads penetrated the 
suspended ceilings. 
Seismic bracing became a requirement for sprinkler installations following the 1933 
Long Beach earthquake [Botting et al, 2000]. Scawthorn et al. [1988] reported that 
sprinkler bracing was generally effective, but only a small proportion of the building stock 
was sprinkler protected at that time. Howe ver in 1992, Scawthorn [1992] noted the 
vulnerability of tall buildings in the event of a sprinkler system failure, and highlighted the 
observed low reliability of urban water supplies. 
In fact, water supply was identified as another crucial element in post- earthquake fire 
safety, both for sprinkler protection and to allow intervention by building occupants and fire 
fighters. Loss of supply has been a significant element in the post-fire conflagrations in a 
number of earthquakes. Todd et al. [1994] recorded failure of the water supply due to 
widespread damage in the 1994 Northridge earthquake. However the risk of fire 
development in an individual building can be significantly reduced if a robust reserve 
water supply is provided to supplement the urban reticulation [Harmsworth, 2001]. 
It’s easy to understand that the level of fire safety in a building is the result of a 
complex interaction of many factors and as such it needs to be addressed for each 
particular use, in order to determine the fire load potential of the building contents together 
with the number, ages and physical and mental ability of the building occupants. 
Post earthquake ignition sources identified from past earthquakes were reviewed by 
Botting [1998]. Scawthorn (1992) reported about ignition sources predicting post 
earthquake ignition rates for typical high rise buildings for different earthquake intensities. 
Immediately after the earthquake event, the principal ignition sources are overturning of 
electrical appliances, short-circuiting of electrical equipment, gas leakage from damaged 
equipment and pipework and leakage of flammable fluids (including fuels for emergency 
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generators etc.). Spillage of chemicals may also be a potential ignition source in buildings 
where they are utilised or stored. Another major concern is the high potential for ignition 
as electricity and gas supplies are restored some time after the earthquake. Leaking gas 
and damaged electrical appliances were identified as initiating a greater than normal 
incidence of fires in the days following the Kobe and Northridge earthquakes. Arson, 
vandalism, and use of candles and makeshift cooking appliances by unauthorised 
occupants have also been identified as potential ignition sources in the days following the 
earthquake [Williamson, 1999 and Scawthorn et al., 1998]. 
Escape times from a post-earthquake fire may be adversely affected in a number of 
ways by earthquake damage, depending on the intensity of the event and the vulnerability 
of systems in the particular building. These effects may include: failure of fire detection 
systems to alert occupants, loss of lighting, loss of visibility due to smoke invasion, 
obstruction of escape routes by falling ceilings, displaced fittings, damaged doors and 
structural damage to stairs. 
Escape routes may be threatened by smoke and fire spread earlier than anticipated in 
design due to the failure of sprinkler systems, smoke control systems and passive 
protection. The end result may be a considerable reduction in the safety margin for 
escape due to a longer required time to evacuate the building and a shorter time before 
conditions become untenable. 
In addition, occupant behaviour may be extremely unpredictable in an earthquake 
event, with the magnitude of the earthquake being the principal determining factor. 
Murakani and Durkin [1988] have reported on a number of studies in Japan and the US, 
and find that behaviour in low intensity events are similar to fire events, with typical 
activities including assisting and protecting others and waiting for instructions. However in 
high intensity events any immediate activity will be impossible and panic may occur. 
In any particular case, the principal variables that determine the extent of damage to 
the fire safety systems can be summarized as follows: 
? Earthquake intensity. This is a measure of the ground shaking at the site.  
? Subsoil Properties. The dynamic properties of the subsoil can have a significant 
influence on the response of a building to an earthquake.  
? Building Type. The configuration and structural characteristics of a building can 
have a significant effect on its dynamic properties. Stiff shear wall type buildings and 
more flexible frame buildings can respond very differently to any particular earthquake. 
In fact, flexible buildings are subject to greater deflections, and non-structural elements 
such as wall and glazing can be at risk unless they are separated from the structure. 
On the other hand, stiff buildings are subject to greater accelerations and may result in 
larger loads on equipment. 
? Building Age. The understanding of earthquakes and building response has 
developed significantly over the last few decades. Building codes requirements have 
shown an important change from designing for a minimal level of lateral load strength 
to detailing to achieve robust energy absorbing elements for ductile post-elastic 
deformations.  
Most modern buildings should not collapse during a severe ground motion, although 
heavy damage is generally expected. However lesser levels of structural damage may 
have implications on fire safety. Significant cracking or movement may allow smoke 
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penetration through walls and slabs, and dislodge fire resistant coatings from structural 
elements. Damage to stairs may hinder evacuation from the building. 
Brunsdon and Clark [2000] suggested that current New Zealand design requirements 
for ductile frame structures offer only limited protection to building parts and contents, 
even in a moderate earthquake. Fragile elements and unsecured contents may exhibit 
damage as low as intensity MM7. Walls, partitions and external glazing are vulnerable to 
damage in a moderate earthquake due to the loads applied as the building deflects. Fire 
separations may suffer significant cracking and loose their fire integrity. The loss of 
exterior glazing will change the ventilation factors for a fire compartment and may allow 
development of larger fires than anticipated in the design. 
Following the 1994 Northridge earthquake in the US, the need for a more detailed 
examination of the performance of non-structural components was recognised, and a 
seminar was held to identify the principal issues and initiate further research and more 
detailed reporting procedures for reconnaissance teams. [Rojahn, 1998]. 
The increasing availability of information on performance of individual elements has 
encouraged moves in the US and Japan to develop damage assessment methods for 
individual buildings based on the vulnerability of the particular elements and systems in 
the building. This is consistent with the move to performance evaluation for building 
design, allowing due consideration to be given to the individual characteristics of each 
building rather than being limited to global assessment categories. 
Porter and Scawthorn [1998] considered the post-earthquake reliability of critical 
equipment systems in the San Francisco Bay Area. Their paper included a comparative 
analysis of risk of loss of life and property damage in a typical high-rise building with un-
braced and retrofitted sprinkler systems. A cost/benefit analysis of the retrofit was 
included. 
Porter et al. [2001] developed a performance evaluation model considering both active 
and passive systems. This incorporates the results of considerable testing to predict the 
fragility of wood framed partitions and glazing to imposed deformations. The method does 
not directly consider post-earthquake fire safety, but the vulnerability of sprinkler systems, 
switch gear and generators are all included for individual consideration. The method 
provides a probabilistic determination of direct repair costs and loss-of-use costs as well 
as giving quantified damage level estimates for comparison with performance based 
design objectives. 
Sekizawa et al. (2000) developed a similar method extending to the prediction of post-
earthquake fire spread in the building. The procedure is principally based on analysis of 
observed damage, ignition and fire spread fire in recent earthquakes in Japan. It includes 
a simplified model of structural response to predict the earthquake actions on individual 
building element. 
The general extent of damage in more recent earthquakes has been well documented, 
and an extensive summary prepared by Botting (1998) details the fire safety implications 
of these reports. They generally show a wide variation in the extent of damage observed 
for any particular earthquake event. In the absence of information about the seismic 
characteristics of the individual building or the seismic design of the building elements it is 
difficult to use the data to make any useful prediction of system damage for specific 
buildings. 
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Case studies of past earthquakes have however been a catalyst for more extensive 
testing and modelling of non-structural building elements to enable better damage 
prediction, and proper performance assessment to meet building code requirements. 
This included works by Porter et al. (2001) on drywall construction, glazing and ceilings 
and works by Beattie [2000 and 2001] and Shelton [Shelton et al. 2002] on building parts 
and services. 
This suggests that more recent buildings may be more vulnerable to post-earthquake 
fire spread following sprinkler system damage. However this may be offset by the 
anticipated lower earthquake damage levels in these buildings. 
It is therefore obvious that fire after earthquake is a design scenario that should be 
properly addressed in any performance based design especially in locations where 
significant earthquakes can occur and that a post-earthquake fire risk assessment 
strategy is needed. To date, while a number of studies have been conducted on fire risk 
assessment for daily fires, there have been very few studies on fire risk assessment of a 
building at an earthquake. Post-earthquake fire risk can in fact be really different from 
other design scenarios because fire protection systems can be non functional even when 
a building itself is structurally efficient. This can really affect the development of fire so that 
re-evaluating the fire hazard after an earthquake and the subsequent effects on building 
environment as well as the likelihood and severity of post-earthquake fires becomes the 
main concern. 
However, in the last years, the general international trend towards performance codes 
initiated a more rigorous examination of the risk assessment aspects of post-earthquake 
fire. Traditional prescriptive codes generally reflected historic events, and were considered 
to provide an adequate margin of safety to perform to an acceptable level in a low 
probability event such as post earthquake fire. The concept of performance based codes 
requires each potential event to be considered specifically. This can be either through a 
full probabilistic analysis, or at least through a prescriptive option that allows for the 
probability of adverse earthquake effects on the fire safety systems. 
Robertson and Mehaffey [2000] proposed a two level design for sprinkler protected 
buildings. The first design level assumes the fire protection systems are fully operational. 
The second assumes failure or impairment of the fire safety systems and uses a design 
fire of reduced size (heat release rate) depending on the assessed system reliability and 
the required performance level of the building after the event (i.e. fully operational, 
operational, life safe). For life safety, the principal criterion is the reliability of the water 
supply. For property protection the principal considerations become building vulnerability 
(construction, environment, protection features) and fire service response.  
Sekizawa et al. [2000] described a probabilistic method to assess post-earthquake fire 
spread within a building. The method is based on observed damage in a number of 
locations, principally from the 1995 Kobe earthquake. The input to the analysis is the 
building geometry, construction type, fire safety systems, fire load density and growth rate, 
and earthquake peak ground acceleration. The model computes the probability of ignition, 
active system failure, passive system failure, and intervention to calculate the probability 
of fire spread. Output is in the form of an expected fire spread area. Life safety issues are 
not specifically considered, besides results coming from this study show that sprinkler 
systems designed to be seismically resistant have a significant effect in mitigating fire risk 
associated with earthquake. 
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Feeney [2001] carried out a risk analysis on sprinkler effectiveness in multi-level steel 
framed buildings. The principal aim of the report was to consider the probability of 
structural failure. In its consideration of post-earthquake fire, the report utilised available 
statistical data on probability of earthquake occurrence, fire ignition, sprinkler operation, 
sprinkler control of the fire, and integrity of passive fire protection to determine the 
probability of an “adverse effect” on the structure. The report found that the probability of 
structural failure due to fire is less than that for other required design loadings.  
More recently, adopting the idea developed in performance-based earthquake 
engineering Lee et al. [2004] developed an analysis procedure for buildings subjected to 
the earthquake and the subsequent fire essentially based on four major steps: hazard 
analysis, structural and non-structural analysis, damage analysis and loss analysis. The 
main steps developed in the analysis are shown in Fig.1-1. 
In the first step, the probability of earthquake occurrence and its magnitude as well as 
the probability of fire ignition after earthquake and its magnitude are considered. In 
particular, all the possible factors both economical and man-made which may affect the 
fire ignition and its magnitude are outlined as well as the necessity of treating them on a 
statistic based approach. 
In the second step four sub-steps are included taking 
into account the occurrence of earthquake and fire as 
two sequential events. First the analysis of the building 
subjected to earthquake loading is conducted and then 
its status after the earthquake is evaluated. Afterwards, 
the fire hazard is re-evaluated since some possible 
earthquake induced damage may affect its severity. 
Finally structural fire analysis of the damaged structure 
is carried out.  
In the third step the physical damage to the building 
is assessed; besides the importance of considering 
damage to both fire protection systems and non-
structural elements when evaluating the status of the 
building after the earthquake is outlined. A classification 
criterion to identify different damage levels is also 
proposed. 
Finally the fourth step includes both economical and 
life loss analysis considering direct and indirect factors. 
Loss analysis is the base to consider some mitigation 
measures. 
Earthquake Hazard 
Analysis
Structural Analysis 
Non-structural Analysis for 
Earthquake
Evaluate the Building 
After Earthquake
Fire Hazard Analysis
Structural Analysis 
Non-structural Analysis for 
post Earthquake Fire
Damage Analysis
Loss Analysis
Decision Making
 
Fig.1-1. Analysis procedure for 
buildings considering post-earthquake 
fire [Chen S. et al.,2004] 
Another recent work aiming at integrating structural fire safety into the design of 
structural framing systems was proposed by Johann [Johann et al., 2006]. 
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The framework proposed by Johann to assist in 
the integration of performance-based fire safety into 
the structural design process, was developed from 
consideration of the following activities: 
? Structural design for gravity and lateral loads 
? Consideration of member protection and events 
that change the structural configuration and details 
? Definition of design fire conditions within the 
building 
? Analysis of structural response to the design fire 
conditions 
? Evaluation of the acceptability of the predicted 
performance 
A flowchart outlining this process is shown in Fig.1-2: 
The design of the structural system is developed 
from the original idea using design considerations for 
normal operating temperatures based on design 
loads and load combinations, including recognized 
hazards such as earthquake loads.  
Concept
Design for Gravity Loads
Consideration of 
Wind Loads
Structural Design for 
Normal Temperature 
Conditions
Design for Fire Impact
Finalized Design
Consideration of 
Seismic Loads
Modification of 
Protection for Fire 
Conditions
AND
Fig.1-2. Performance based structural 
fire safety [Johan et al., 2006] 
Allowance is than made for modifying the initial design to reflect in-service conditions 
and to address how events occurring during the service life of a building can be 
considered during the design process; in particular, allowance is made for changes to the 
structural configuration and/or protection caused by pre-fire events such as earthquakes.  
After the structural configuration and any modifications are defined, the procedure 
moves to the fire analysis phase aiming at the development of a structural design with 
satisfactory performance under the assumed fire exposure conditions. To this purpose, 
design fires are necessary to describe the environmental conditions that the structure may 
be exposed to during a fire. The subsequent analysis of structural response is a function 
of the combined thermal and mechanical loading conditions. Once the structural fire 
performance has been described, it is compared to the performance criteria appropriate to 
the fire safety objectives for the facility. If the structure fails to meet one or more of the 
performance criteria, then it requires modifications and re-evaluation. Modification may 
include resizing members, adding or increasing member protection, redesigning 
connections or adding passive fire barriers. After the design has been revised, the 
performance of the new configuration is evaluated, thus design and analysis proceed 
iteratively until all performance criteria are satisfied.  
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1.2 Objectives of this work 
Although many countries have in the past experienced the disaster of a post-
earthquake fire, it is only in recent times that this issue has received significant attention. 
Even after the large urban fires following the 1906 San Francisco and 1923 Tokyo 
earthquakes, Japan was the only country to immediately initiate research to address the 
problem [Scawthorn, 1992]. As a matter of fact, that large fires following earthquake 
remain a problem is confirmed by ignitions following recent earthquakes such as the 1994 
Northridge and the 1995 Kobe earthquakes. 
Besides, prediction of damage caused by earthquakes has, until recently, concentrated 
on macro-scale considerations for use in insurance loss exposure and for planning 
mitigation of disruption to lifelines and utilities. The assessments in fact are typically based 
on data from observed earthquakes, and any assessment of building systems is usually 
generic in nature. The data is analysed to identify different categories of building to enable 
meaningful loss prediction for specific communities. Examples of such projects include 
Rojahn and Sharpe (1985) and Thiel (1996) in the US, and Shephard et al. (2002) in New 
Zealand. 
While these investigations recognised the threat of fire in the post-earthquake 
environment, they generally considered only those earthquake effects that could 
contribute to potential urban conflagration, principally loss of water supply and 
unavailability of fire service intervention. Little attempt was made instead to predict 
damage to specific building elements and structural systems, and the impact of such 
damage on life safety. 
Anyway, fire following earthquake is nowadays recognized as a substantial threat so 
that for building in seismic zone, both fire and earthquake require very important design 
considerations. In fact, if a building already bears damage due to the earthquake, its 
performance under the following fire will be quite different with respect to the behaviour of 
the original undamaged one. For this reason, after an earthquake, the actual status of a 
building needs to be evaluated, considering different kinds of damage.  
For the time being, there is still little research going on concerning the performance of 
buildings subjected to earthquake and the following fire. However the literature and 
research on the topic has broadened and changed emphasis over time as a reflection of 
changes to the built environment and building performance philosophy especially thanks 
to the move towards performance based building codes. 
Performance-based seismic design of buildings has been rapidly developed in recent 
years in the USA (SEAOC Vision 2000, FEMA 273 /274, FEMA 356 etc). At the same 
time, Japan also developed its own version (PBD of Japan-Frame work of Seismic and 
Structural Provisions). A long term project (ATC-58) in US has been in progress to 
develop a new generation of performance-based earthquake engineering guidelines. The 
concept of PBEE in ATC-58 has evolved to a level that performance is defined in specific 
terms of the risk of life loss, direct economic loss and indirect economic loss considering 
individual earthquake events or the entire range of events. 
On the other hand, performance-based fire safety design for buildings has also begun 
its developing around the world during the past decade. In the US, a Draft for 
Performance Fire Code has been issued by the International Code Council, which mainly 
emphasizes on the non-structural issues, such as fire initiation, fire development, 
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automatic sprinkler system, fire fighting, etc. However, performance based fire resistance 
design for structures is still limited in scope. 
Moreover, for what concerns the fire following earthquake design scenario a 
performance-based philosophy is completely missing. The main problem rests in a 
general lack of an analytical framework within which to analyze the many factors involved 
in post-heart quake fire in order to quantify these factors and their outcome, besides there 
is still little research on the performance of buildings subjected to earthquake and the 
following fire, especially in the field of composite steel-concrete structures.  
Control of fires in building after earthquakes is only possible if the buildings are 
designed with good earthquake resistance, good fire resistance rating and good overlap 
between the two, the problem is that the necessary coordination between seismic and fire 
design is often missing [Botting et al., 2000] as it happens in the case of Eurocode 
provisions in which just to make an example, the applicability of rules concerning the 
design of composite structures both at ambient and elevated temperatures is limited to 
braced frames only. 
It’s really important to understand that improving the earthquake response of a building 
may highly improve the fire safety of the building itself by preventing from damage of both 
structural and non structural elements so limiting the possibility of fire spreading. Besides, 
fire performance of the building may be increased by applying the principles of Structural 
Fire Engineering relying on a full understanding of the behaviour of structures under 
thermal actions.  
Within this context the study of the performance of composite moment frames 
subjected to both earthquake and fire loadings assumed a relevant importance. Of course, 
for the above mentioned reasons besides the consideration of fire and earthquake as 
independent hazards, the case of earthquake and subsequent fire was also considered. A 
flowchart describing the proposed design methodology is shown in Fig. 1-3. 
Concept
Design and Analysis for 
Gravity Loads and Earthquake
Evaluation of Structural 
Fire Performance
Structural Analysis for 
Post-Earthquake Fire
Finalized Design
Design and Analysis 
for Fire Loadings
Assessment of Seismic 
induced Damage
Fire Loadings
Fire Design 
Scenarios
Post-earthquake Fire 
Design Scenarios
Evaluation of seismic 
performance
NO
NO NO
Fig.1-3. Proposed performance-based design methodology 
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1.3 Outline of the thesis 
Chapter 1 contains an extensive literary review about the main issues characterizing 
the fire after earthquake scenario. This review shows a total lack of studies aiming at 
quantifying potential structural damage to buildings after an earthquake with subsequent 
post earthquake structural fire performance evaluation, especially in the field of composite 
steel-concrete structures. Besides, the absence of analytical frameworks and code 
provisions allowing for the necessary coordination between seismic and fire design 
represented an additional impetus for the present work. 
Chapter 2 contains an introduction to structural fire engineering, explaining which role 
it has in design and which are its principles. The possible benefits coming from an early 
application of structural fire engineering concepts in structural design are outlined. 
Afterwards, the importance of understanding the real structural behaviour in fire is 
assessed and the fundamental principles of mechanical behaviour at elevated 
temperatures are presented. The principal issues of a performance based fire 
methodology are presented and their advantages with respect to traditional prescriptive 
methods are outlined. Finally, in the last part of the Chapter a brief overview of the “fire 
parts” of Eurocodes is presented with particular attention to their organization; the 
proposed design methodologies are critically discussed. 
Chapter 3 mainly deals with composite steel concrete structures exposed to fire. In the 
first part simple calculation models given by EC4-1.2 for the determination of the fire 
resistance of structural elements are discussed. Afterwards a brief highlight on the 
conventional structural fire protection systems is presented together with some 
constructional solutions using the composite action for the enhancement of fire resistance. 
The most important findings coming both from the large-scale fire tests at Cardington and 
NRCC are analyzed, showing the inherent fire resistance of unprotected composite steel-
concrete systems involving the use of composite slab combined with hollow steel sections 
filled with concrete. Besides, the main phenomena emerging from the observation of 
structural behaviour during tests and natural fire events are outlined. 
Chapter 4 is divided in three main parts. The first part contains a detailed description 
of the main reasons leading to the choice of the structural solution adopted as study case 
in present work. The main objective was to obtain a well engineered structural solution 
with respect to seismic actions possessing also a good inherent fire resistance. Seismic 
design of the frame according to ductile design methodology given in EC8-1.1 is 
presented and all the difficulties faced during this phase are outlined and discussed as 
well as the binding clauses affecting members’ sizing. The influence of the choice of the 
ductility class in design is also assessed. Finally, the ability of different columns’ cross 
sections to sustain loads in the fire situation is evaluated and compared. Once the 
structural solution is chosen its seismic performance is studied by making use of the 
pushover analysis; seismic demand is determined by estimating the target displacement 
and finally the capacity of the structure is assessed. The last part of the Chapter mainly 
deals with the choice of the most suitable solution for the beam-to-column connection; 
afterwards a preliminary design is carried out by making use of the capacity method. 
Chapter 5 contains structural fire analysis of the composite moment frame studied as 
study case in present work. In a first part the simple calculation methods given by EC4-1.2 
are applied in order to determine the fire resistance of structural elements. Afterwards 
advanced calculation methods are applied to perform a thermo-mechanical analysis on a 
planar model of the frame. After the choice of the most dangerous fire scenario, the 
thermal analysis of the cross-sections is performed and the evolution of the effective 
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temperature distribution is determined. In the subsequent analysis the combined effect of 
vertical and thermal loads on the frame is studied; afterwards the obtained results are 
discussed in details in order to understand the behaviour of the structure as well as its 
ability of sustaining loads in fire. To this purpose a very practical tool is developed 
consisting in the determination of the M-N interaction curves at elevated temperatures. In 
the last part of the Chapter 3D thermal analysis of the beam-to-column connection are 
presented and the distribution of temperature in the different components of the joint is 
evaluated. 
Chapter 6 contains the analysis and the evaluation of the post-earthquake fire 
resistance of the composite moment frame object of this study. In order to assess the 
seismic induced damage on the structure inelastic dynamic analyses (IDA) are performed 
in correspondence of different accelerogram having the same PGA of the design 
earthquake. After the definition of the equilibrium of the structure in the post-earthquake 
state, the main concern is related to the choice of the design fire scenario. Several 
possibilities are taken into account considering not only the position of the applied fire in 
the structure but also the possibility of some structural damage such as the debonding of 
the steel sheeting from the concrete slab. Results obtained from the analysis in each 
situation are evaluated and discussed. 
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Chapter 2 
Structural fire engineering 
2.1 Introduction  
Sometimes, structural fire engineering is confused with fire protection engineering and 
fire safety engineering. This confusion may arise from the different terminology used in 
different parts of the world. Basically the terms Fire Safety Engineering, Fire Protection 
Engineering and Structural Fire Engineering can be established in the following hierarchy 
(see Fig.2-1). 
Fig.2-1. Established hierarchy [Bailey C.] 
Fire Safety Engineering is a multi-discipline to determine fire safety strategy for 
buildings under fire conditions, in which structural stability and control of fire spread are 
achieved by providing active and/or passive fire protection.  
Fire protection Engineering comprises active and passive ways of providing 
satisfactory protection level to buildings and/or its contents from fires.  
Finally, structural Fire Engineering deals with specific aspects of fire protection in terms 
of analysing the thermal effects of fire on buildings and designing members for adequate 
load bearing resistance and control of fire spread.  
If the principles of Structural Fire Engineering could be applied in the design process 
from the very beginning of a building project, they could bring significant benefits to the 
project itself, including: 
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? Better understanding of structural fire behaviour leading to higher level of fire safety 
? Greater flexibility to develop alternative and cost effective solutions for fire protection 
? Potential construction cost savings 
? Potential long-term maintenance and management cost savings 
? Potential insurance savings 
The full benefits can only be revealed when these principles becomes an integral part 
of building design, and everybody involved in the building design process – architects, 
structural engineers, and other design professionals, is aware of the Structural Fire 
Engineering issues which cover a wide range of levels of knowledge and competence. 
A generic analysis and design process, in fact involves the following three basic steps 
(see Fig.2-2): fire modelling, thermal analysis and structural analysis. Of course, the 
overall complexity of the procedure depends on the assumptions and analytical methods 
adopted to predict each of the three design aspects. 
Fire
Modelling
Thermal
Analysis
Structural
Analysis
Fig.2-2. The three basic components of SFE [Bailey C.] 
The theory and the procedures adopted for analysing structural behaviour under fire 
conditions are much complex if compared to those for structural analysis and design at 
ambient temperatures so that simplified approaches often become an important option. 
For sake of simplicity, the procedures of Structural Fire Engineering analysis and design 
can be divided into three levels of growing complexity.  
The simplest procedure is a deemed-to-satisfy rules approach and is given in most 
conventional building codes which generally specify the fire resistance required for 
structural members and classification of construction based on the results of standard fire 
tests. Information on members’ dimensions and construction details with respect to fire 
resistance ratings is provided. The key feature is to keep the structural members cool from 
the heat of fires. The designers need only to apply specified construction features to 
satisfy the code requirements, and need little or no knowledge of fire and structural 
engineering. This procedure is called prescriptive-based and it is assumed to provide 
sufficient levels of life safety but although easy to use, the designer cannot assess the 
actual levels of safety embedded in such prescriptions; in fact for some aspects of building 
design, the restrictive nature of the prescriptive rules make them impossible to use. 
The second procedure involves the calculation of structural fire resistance based on 
empirical or theoretical relationships. Basically, the mechanical properties of structural 
materials at elevated temperatures are incorporated into the traditional structural theory to 
develop a rational analytical procedure for predicting structural behaviour under fire 
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conditions. This second procedure, in a manner analogous to design at normal 
temperatures, is performance based to address a particular part of the design with the rest 
of the design following a prescriptive based approach but it has the advantage of 
providing more flexibility to designers. 
The third procedure, defined performance based, involves the assessment of three 
basic aspects comprising the likely fire behaviour, heat transfer to the structure and the 
structural response. Although this procedure normally needs to be performed by 
experienced structural engineers, it provides a platform for innovative design and 
construction features.  
A full performance based approach, which can be categorised as an advanced design 
approach, has the following advantages: 
? Generally more economical designs, compared to the simple approaches, while still 
maintaining acceptable levels of life safety.  
? The construction of more innovative and complex buildings which were not possible 
due to the restrictive nature of the simple rules.  
? A better understanding of the actual structural behaviour of the building during a 
possible fire.  
? The construction of more robust buildings due to the advanced design approach 
allowing for identification and strengthening of any 'weak' links within the structure.  
? Increasing the levels of safety, offered by the simple design approaches, by 
incorporating advanced structural fire design within a global fire strategy, to provide 
additional protection to the building contents, the building superstructure, heritage, 
business continuity, corporate image of the occupants or owner, and/or the 
environmental impact.  
Of course, the application of a full performance based methodology requires a sound 
understanding of the mechanics of the structures behaviour under fire. Most of the 
existing standards and methods for fire design continue to be based on the performance 
of isolated elements in standard furnace tests assuming that structural behaviour is the 
same as room temperature, but allowing for reduced material properties. 
This simple assumption is valid for statically determined structures, but not for highly 
redundant structures, and in some cases may even not be on the safe side; in this way, in 
fact no account is taken of the interactions which occur with the surrounding structure.  
As the most general definition of fire resistance of a load bearing member it can be said 
that it is the time after which an element reaches a prescribed failure criterion. For the 
time being fire tests on isolated members loaded under their maximum design stress are 
characterised by runaway failures as there are no means of arresting the runaway 
deflections. These are quite evidently present also in real structures with the difference 
that in the case of standard fire tests the loads stay constant while the capacity of the load 
path reduces to a point where it is exceeded by the load. This leads to a displacement 
criterion being chosen to determine failure in fire tests as increasing displacements 
coincide with the overall failure of the member. By contrast, provided it has adequate 
ductility and does not suffer from instability, a redundant structure may find different paths 
and different load carrying mechanisms by which support additional loading when its local 
strength is reached at a single location. In fact, when a structure is highly redundant many 
alternative load paths exist and large deformations can develop without necessarily a loss 
of strength so that failure must be defined in a different way. 
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Besides, the fire resistance required in most standards it’s not referred to a fire that 
could happen with a given probability, but it’s referred to a standard fire (ISO 834). It is 
generally believed that such a design method has the following deficiencies: 
? standard fire exposure curve does not represent the characteristics of real fires 
? the behaviour of an isolated member subject to idealized loading and boundary 
conditions differs significantly from that of a member within a complex, highly 
redundant structure 
Therefore, the fire resistance of a load bearing member obtained from a standard fire 
test can be significantly different from the fire resistance of the same member within a 
complete structure in a real fire. In fact, the behaviour of an heated element can be 
strongly affected by the restraint provided by the surrounding parts which are no subject to 
heating. Complex structural interactions taking place in framed structures during fire lead 
to extensive redistribution of loads. This phenomenon creates sufficient reserve capacity 
to allow most structures to survive fires with little structural damage. As this behaviour 
results from the interaction among structural elements acting as a unit, it is necessary to 
consider a structure as an integrated while when its fire resistance is evaluated. 
As a result it comes out that standard tests may represent a useful comparative 
measure but are not intended to predict the response of a structural assembly exposed to 
actual fire conditions. 
It follows that fire resistance of a member should be assessed from real fire tests on full 
scale structures but conducting tests to address every conceivable fire exposure and 
loading condition is not feasible. This can be a problem for the development of 
performance-based design codes, which instead require a huge amount of data to 
describe the response of a structural assembly given more realistic fire exposure and 
loading conditions.  
In order to understand this behaviour is important being aware of the elementary 
mechanisms developing in heated structures which reflect the complex interactions taking 
place among different structural elements. These mechanisms govern the overall 
behaviour of the structure and they can be very useful in interpreting the results coming 
from much larger and sophisticated computational models and in helping to develop a 
coherent picture of the structural behaviour. 
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2.2 Fundamental mechanical principles 
The behaviour of structures in fire has long been understood to be dominated by the 
effects of strength loss caused by thermal degradation, and that large deflections and 
runaway failure resulted from the action of imposed loading on a weakened structure. 
Thus strength and loads are quite generally believed to be the key factors determining 
structural response (fundamentally no different from ambient behaviour). From a series of 
full-scale tests emerged that most of the times structures possess enormous reserves of 
strength trough adopting large displacements configurations, so it can be said that it’s 
thermally induced forces and displacements, and not material degradation that govern 
structural response in fire. In particular, the response of highly redundant structures is 
mainly controlled by the displacements imposed by thermal expansion and thermal 
bowing as well as by the compatibility of displacements.  
Sometimes, in fact degradation (such as steel yielding and buckling) can even be 
helpful in developing large displacements load carrying modes safely; this of course, is 
only true until just before failure when material degradation and loads begin to dominate 
the behaviour once again.  
The response of a heated structure is dependent on a lot of parameters such as loss of 
material strength, end connections, relative stiffness of adjacent parts of the structure, 
redundancy and load paths as well as thermal exposure; in fact, the sequence of the fire 
event, its severity, the flame spread and growth rate all affect the structure differently, 
adding even more variables to this highly complicated problem. 
In a structure stresses are normally related to deflections and deflections to material 
properties but the more complex responses with thermal expansions sometimes can give 
surprises. Indeed, because the literature on fire responses is mostly concerned with 
determinate structures in which these connections continue to exist, the importance of 
thermal expansion strains is often lost. 
When modelling material and mechanical behaviour an analytical description is 
required for the relationship between stresses and strains. Anderburg (1988) and 
Schneider (1988) produced models for steel and concrete behaviour where the 
deformation process at transient high temperature conditions is described by three strain 
components, which are separately found in different steady state tests.  
Buchanan (2001) stated that the deformation of materials at elevated temperatures is 
usually described by assuming that the change in strain ∆ε  consists of four components 
(see Eq.[2.1]): 
( ) ( ) ( ) ( )i th cr tr,T T ,T, ,Tσ∆ε = ε − ε = ε σ + ε + ε σ τ + ε σ [2.1] 
where: ε  is the total strain at time t, iε  is the initial strain at time 0t = , ( ),Tσε σ  is the 
mechanical, or stress related strain, being a fraction of both the applied stresses and 
temperature, ( ), ,cr Tε σ τ  is the creep strain, being additionally a function of time, ( )th Tε  
is the thermal strain being a function only of temperature T and ( ),tr Tε σ  is the transient 
strain which only applies to concrete. 
A simplification to the relationship shown above was made by Rotter [Rotter et al., 
1999]. The last two terms were ignored, thus the key relationship needed to understand 
the behaviour of redundant structures when subjected to thermal effects is given by 
Eq.[2.2]: 
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total thermal mechanicalε ε ε= + [2.2]
in which mechanicalε σ=  and totalε δ= . This means that the total strains govern the 
deformed shape of the structure δ  through kinematic or compatibility considerations, 
while the stress state (elastic or plastic) depends only on the mechanical strains. Where 
thermal strains are free to develop in an unrestricted manner and no external loads apply, 
the total strain can be approximated by the thermal strain and all deflections (bowing and 
elongation) result only from thermal strain (see Eq.[2.3]). 
total thermal totalandε ε ε δ= → [2.3]
For structures where thermal strains are fully restrained without external loads 0totalε =  
as thermal and mechanical strains are equal and opposite. Both may be very large 
resulting in high levels of plasticization and high stresses. 
0thermal mechanical mechanicalandε ε ε σ+ = → [2.4] 
Most situations in real structures under fire have a complex mix of mechanical strains 
due to applied loading and mechanical strains due to restrained thermal expansion. These 
lead to combined mechanical strains which often far exceed the yield values, resulting in 
extensive plasticization. The deflections of the structure, by contrast, depend only on the 
total strains, so these deflections may be quite small where high restraint exists, but they 
are associated with extensive plastic straining. Alternatively, where less restraint exists, 
larger deflections may develop, but with a lesser demand for plastic straining and so less 
destruction of the stiffness properties of the materials. 
In a building, the structural elements which experience the effects of fire most directly 
are the beams and the slabs of the floor above the compartment. Both beams and slabs 
are designed to carry their loads mainly by bending and shear but in fire, significant axial 
forces can develop if the beam is fully or partially restrained against axial expansion (or 
contraction during cooling). Depending on the surrounding structure, these forces can be 
either beneficial or detrimental to the performance of the structure. In the same way, floor 
slabs can exert enormous forces on the surrounding structure during expansion and 
where high levels of restraint exist, such thermal expansion forces can become very large.  
The degree of restraint (translational and rotational) to displacements determines the 
forces and moments that will occur in the structure. Therefore, a whole range of 
responses exist for combinations of thermal expansion (caused by rise in average 
temperature) and thermal bowing (caused by transverse temperature gradients). 
Some interaction phenomena taking place in different parts of a heated structure may 
be summarized by the followings as reported by Usmani [Usmani et al.,2001]: 
? unrestrained thermal expansion caused by a rise in mean temperature causes 
ends to move apart.  
? restrained thermal expansion because of the presence of the surrounding 
structure produces compression forces leading to yielding or buckling (both restraint 
and temperature rise do not have to be large for buckling or yielding to occur) 
? thermal bowing caused by the trough depth thermal gradient leads to curvature 
resulting in the pulling in of the ends in a simply supported beam 
? restraint to end translations produces tensions in the beam which grow with 
growth in thermal gradients 
? restraint to end rotation produces hogging moments (and no curvature) 
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2.2.1 Thermal expansion 
Let’s consider a simply supported beam without axial restraint (see Fig.2-3). If a 
uniform temperature rise T∆  is applied the heating induced thermal expansion strains 
( )Tε  are given by Eq.[2.5]: 
T Tε α= ∆ [2.5]
where α  is the coefficient of thermal expansion. The result is an increase of the beam 
length given by l Tα∆ ; in this way the total strain totalε  is equal to the thermal strain 
thermalε , which means that no stresses develop in the beam. 
ll  
Fig.2-3. Uniform heating of a simply supported beam (Usmani et al., 2001) 
If instead the beam is axially restrained, as shown in Fig.2-4 the total strain ( )totalε  is 
zero (no displacements) and compressive stresses develop in the beam. 
P P
 
Fig.2-4. Axially restrained beam subjected to uniform heating (Usmani et al., 2001) 
 
The magnitude of the restraining force P is given by Eq.[2.6]: 
m TP EA EA EA Tε ε α= = − = − ∆ [2.6]
In this last case, if the temperature is allowed to rise indefinitely, two basic responses 
are possible, depending on the slenderness of the beam. If the beam is sufficiently stocky 
the axial stress will reach the yield stress of the material and the yield increment 
temperature is simply given by Eq.[2.7]: 
y yT Eσ α∆ = [2.7]
where: yσ  is the yield stress of the material, α  is the coefficient of thermal expansion 
and E is the elastic modulus of the material considered. 
Instead, if the beam is slender (see Fig.2-5), then it will buckle before the material 
reaches its yield stress and in this case the thermal thrust attains the classical buckling 
load Pcr given by Eq.[2.8]: 
2 2
crP EJ lπ= [2.8]
where: J is the second moment of area of the cross-section and l is the effective length 
of the beam. 
Pcr Pcr
Fig.2-5. Buckling of an axially restrained beam subjected to uniform heating (Usmani et al., 2001) 
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In this way, a bifurcation state is reached when: 
22
2
2
EJ rEA T EA
l l
πα π ⎛ ⎞∆ = = ⎜ ⎟⎝ ⎠ [2.9]
where l  is the effective length of the beam depending on the restraint conditions and 
r J A=  is the radius of gyration. The critical buckling temperature rise crT∆ in an elastic 
structure with unchanging elastic modulus E is thus given by Eq.[2.10]: 
22
cr
rT
l
π
α
⎛ ⎞∆ = ⎜ ⎟⎝ ⎠ [2.10]
In this case, if the temperature is allowed to rise further, the total restraining force will 
stay constant and the increasing thermal expansion strains will be accommodated by the 
outward deflection δ  of the beam.  
For structural elements of the slenderness commonly found in slabs and beams, this 
critical temperature can easily be lower than 100 °C or 200 °C, so this phenomenon is 
likely to occur in most fires. 
In real structures, rigid axial restraint is generally impossible to achieve, and thus it 
represents only an upper limit.  
Assuming that the restraint to axial expansion can be represented by a linear 
translational spring of stiffness tk  (see Fig.2-6), for an elastic beam with unchanging 
modulus, the compressive axial stress developed by restrained thermal expansion is 
given by Eq.[2.11]: 
1
t
EAE T
k L
σ α ⎛ ⎞= ∆ +⎜ ⎟⎝ ⎠ [2.11]
and the critical buckling temperature increment is given by Eq. 2.12: 
22
1cr
t
r EAT
l k L
π
α
⎛ ⎞⎛ ⎞∆ = +⎜ ⎟⎜ ⎟⎝ ⎠ ⎝ ⎠
[2.12]
From these relationships it can be seen that buckling and post-buckling phenomena 
should be observable at moderate fire temperatures (say 300 °C) in structures with 
translational restraint stiffness ( )tk  which are quite comparable with the axial stiffness of 
the member ( )EA L .  
kt
kt
Pcr Pcr
P P
Fig.2-6. Heating of a beam with finite axial restraint (Usmani et al., 2001) 
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When the elastic modulus is temperature dependant, the relationship cannot be so 
simply defined, since the thrust is a nonlinear integral of the thermal expansion and elastic 
modulus. The first concept about plastic buckling was presented in 1889 by Engesser, 
who postulated that the critical load can be estimated exactly in the same form as the 
elastic buckling equation by simply replacing the modulus of elasticity E with the tangent 
modulus TE . According to this theory, the stability problem is governed by the condition 
expressed by Eq.[2.13]:  
( ) ( ) ( )22, ,T TrE T T dT E Tlσ α π σ
⎛ ⎞= ⎜ ⎟⎝ ⎠∫ [2.13] 
In which ( ),TE T σ is the tangent modulus which varies with the temperature and stress 
state. 
This axial stiffness itself is reduced by heating through the reduction in E, so these 
post-buckling phenomena are very likely to be observed in beams in typical fires.  
2.2.2 Thermal bowing 
In real fires, temperature distributions are anything but uniform, in fact fire normally 
heats the floor and the beams from below, leading to a regime in which temperature 
differentials develop between the upper and the lower surfaces. These differentials lead to 
thermally induced bending, the so called thermal bowing, which can increase deflections. 
A high temperature gradient through the depth of a floor slab (typically concrete) will 
induce either bending moments or additional deflections or both in the slab. This effect is 
much more important in the early stages of the fire when steel retains most of its strength.  
If a simply supported beam (rotationally unrestrained) is subject to a uniform 
temperature gradient 2 1( ) /yT T T d= −  through its depth d and along its whole length L, 
then a uniform curvature Φ  is induced along the length, given by yTαΦ = , and a 
thermally induced tension corresponding to a tension thrust P at the support, as shown in 
Fig.2-7. 
P P
Fig.2-7. Laterally restrained beam subjected to a uniform thermal gradient (Usmani et al., 2001) 
The response is governed by the flexure-tension interaction where the tensile P δ−  
moments restrain the curvature imposed by thermal gradients and limit the deflections. 
The tensile force displayed at supports is thus given by Eq.[2.14]: 
21 1 1
2t
P EA
l
πδ⎛ ⎞⎛ ⎞⎜ ⎟= + −⎜ ⎟⎜ ⎟⎝ ⎠⎝ ⎠
[2.14]
Deflections ( )y x  for a thermal induced curvature Φ  can be determined by solving the 
ordinary differential equation given by Eq. [2.15]: 
2
2
d y Py
dx EJ
= Φ + [2.15]
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wherePy represents the bending moment generated by the tensile force P. 
If the same beam is also rotationally restrained by support moments, as shown in 
Fig.2-8 the thermal curvature is cancelled out and the beam remains straight with a 
constant bending moment given by M EJ= Φ  along its length. 
M M
 
Fig.2-8. Fixed end beam subjected to a uniform thermal gradient (Usmani et al., 2001) 
In real structures, it is very difficult to achieve rigid restraint against rotation, except in 
the case of perfect symmetry and small rotations.  
If the adjacent structure is represented by a rotational spring of stiffness ( )rk  at one 
end (while the other end is assumed to be fixed, see Fig.2-9) the moment induced in the 
rotational spring is given by Eq.[2.16] where L is the length of the beam. 
41k y
r
EJM EJ T
k L
α ⎛ ⎞= +⎜ ⎟⎝ ⎠ [2.16] 
kr kr
 
Fig.2-9. Beam with finite rotational restraint with a uniform thermal gradient (Usmani et al., 2001) 
Thus for substantial bending moments to be induced by thermal gradients, the 
rotational restraint stiffness must be comparable with the rotational stiffness of the beam 
itself when its far end is fixed (in perfect analogy with the axial case). If the unheated 
adjacent spans are identical and have effectively fixed ends and the system is elastic, this 
restraint can be achieved. Where the hot surface is on the bottom, it should be noted that 
the thermal bowing deflection is still downward, but that tensile stresses develop on the 
top surface.  
It is clear that the effect of boundary restraints is crucial to determine the response of 
structural members to thermal actions. The key conclusion is that thermal strains will be 
manifested as displacements if they are unrestrained or as stresses if they are restrained 
through counteracting mechanical strains generated by restraining forces.  
Another important aspect associated with structural response to fire is the large 
deflections found in structural members such as beams and slabs. At room temperature, 
large deflections are normally associated with loss of strength but in the case of fire this 
simple interpretation can be highly misleading; in fact both thermal expansion and thermal 
bowing result in large deflection but the state of stress is not unique for a given deflection 
and a large range of stress states is possible depending upon the temperature distribution 
in the member, its material properties and of course the restraining conditions. 
The chief reason for large deflections is that the structural member tries to 
accommodate the additional length generated by thermal expansion. 
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An axially restrained slender beam, subject to uniform heating will buckle very early 
(very low buckling temperature) this means that any further expansion will make the beam 
deflect downwards.  
2.2.3 Catenary action 
Normally a beam will experience both thermal expansion and thermal bowing 
simultaneously (see Fig.2-10); besides, if both end translation and rotation are fully 
restrained the bottom of the beam will experience high compressive stresses, while the 
top may be anywhere between significant compression to significant tension.  
M MP P
 
 
Fig.2-10. Thermal expansion and thermal bowing in a fix ended beam (Usmani et al., 2001) 
This behaviour is quite a common one in composite structures, where the presence of 
the slab produces conditions similar to a fully fixed support and the high compressions 
resulting from the combined effect of thermal actions produce local buckling in the lower 
flange quite early. As a consequence of the formation of a plastic hinge produced by local 
buckling, the hogging moment at support is relieved, that’s why axially restrained but 
rotationally free beams are most of the times closer to real conditions. 
Usmani [Usmani et al. 2001] presented analytical expression to allow for a good 
quantitative estimate of force and deflections in presence of the combined effect of 
thermal expansion and thermal bowing for laterally restrained beams. The effective strain 
in the beam was defined as follows: eff Tε ε εΦ= − ; In this way positive values of effε  
implied compression (the effect of mean temperature rise is dominant) while negative 
values of effε  implied tension (the effect of thermal gradients is dominant).  
Up to date, it is widely recognized that restraint conditions can certainly have a major 
effect on the distribution of internal forces and displacements, considering that the 
available degree of restraint also changes during a fire.  
The deformed shapes gives little indication of whether part of the structure is in tension 
or compression, and a mixture of thermal gradients and centroidal temperature increases 
can lead to axial tension or compression with quite similar deformations. Some of these 
forces can participate in load-carrying mechanisms (under large displacements modes) 
while others are purely self-stressing. The degree of restraint (translational and rotational) 
to displacements determines the forces and moments that will occur in the structure.  
In the last years some works were published accounting for the influence of axial 
restraint provided by the adjacent cold structure on the beam response in a fire [Yin et al., 
2005-Part1], [Yin et al., 2005-Part2], [Burgess et al., 1994]. The horizontal stiffness was 
found to have a considerable influence on the behaviour of the heated beams and even if 
this factor is not included in the usual calculation methods, it was shown that catenary 
2. Structural fire engineering 
- 25 - 
action can play a significant part in enhancing the survival time of a beam in fire 
conditions. 
When under catenary action, a beam is in tension (see Fig.2-11) and its resistance to 
the bending moment caused by the applied vertical load comes from the catenary force 
acting on the beam’s lateral deflection.  
 
Fig.2-11. Heated beam acting as a cable in catenary at large deflection (Allan et al.) 
When considering catenary actions large displacements have to be taken into account 
but when observed in real structures they are often misinterpreted as impending run-away 
failure. The results from some research study suggested that deflections for restrained 
beams may become much larger than the span/20 or span/30 specified in codes of 
practice for structural fire testing, and that such levels have nothing to do with run-away. 
In the initial stages of heating the restraint from the surrounding structure tends to resist 
the expansion of the beam; the initial deflection is increased by this restrained expansion 
together with the thermal bowing caused by the temperature variation across the beam’s 
cross section, therefore the resulting large deflections are not a sign of loss of load 
capacity in the beam. At a later stage catenary action increasingly prevents run-away 
deflection at high temperatures under the effect of the applied load, as axial tension starts 
to develop, and the beam then acts as a cable hanging from the adjacent cold structure, 
provided that this is also able of redistributing and supporting the heated beam and the 
applied load level during the fire. However, the state of stress associated with a member 
under a combination of catenary action and thermal bowing is not unique for a given 
deflection. This depends on the temperature distribution in the member, its material 
properties and restraint conditions. The fact that the axial compression force in the beam 
changes to tension force tends to stop the run-away failure caused by the applied load 
and material degradation. 
Therefore, compared with ordinary fire resistant design based on flexural bending 
behaviour of a beam, exploring catenary action has two important design implications. 
Firstly, because a beam’s resistance in catenary action is not limited by its material 
strength but is related to the beam’s deflections, a beam with reducing material strength at 
high temperatures can still resist the applied load by simply deflecting more. So it is 
theoretically possible that a beam would not collapse until the melting of steel and if large 
deflections is acceptable, there is no need to provide any fire protection. 
Secondly, an axially restrained beam will always develop catenary action at 
temperatures above the limiting temperature calculated for pure flexural bending. 
Therefore, if for any reason, the beam’s temperature cannot be guaranteed to remain 
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below this limiting value, the beam will impose a catenary force on the adjacent structure. 
So by making appropriate considerations of catenary action in the design of beams, it is 
possible to achieve the dual objectives of reducing construction cost (elimination of fire 
protection) and safety (accommodation of the catenary force). 
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2.3 Prescriptive Methods v.s Performance - Based Approach 
in Fire Design 
As already outlined in the introduction to this Chapter, the two broad standards for the 
design methods of fire resistance of buildings are prescriptive and performance-based.  
Generally, a prescriptive method defines a structural fire design fairly precisely in terms 
of the materials used, shape and size of structural elements, thickness of fire protection 
materials, construction details and so on. The most important feature is that prescriptive 
approaches are based only on fire resistance and within this framework only the elements 
of the structure are required to posses a certain amount of fire resistance, not the 
structure itself.  
The definition of what is commonly identified with fire resistance should be clearly 
outlined, since there is often the misconception that the stated fire resistance of an 
element is directly related to the time that a building will withstand the effects of fire 
without collapsing. 
Regulations generally require structural members to have ‘enough’ fire resistance; 
quoting from the Eurocodes fire resistance of structural elements is the time at which they 
reach a defined deflection criterion when tested in a furnace heated according to a 
standard ISO834 time-temperature curve. 
Traditionally, design recommendations are mainly based on the experience with 
identical or similar standard fire tests whose history can be traced back to the 1890’s 
when early attempts to establish the fire behaviour of structural elements where made at 
the behest of insurance companies building authorities in the USA. 
In 1917 the first Standard for fire tests on floors and partitions was issued by the 
American Society for Testing and Materials (ASTM) later superseded in 1933 by a more 
comprehensive Standard (E119) dealing with all types of building elements; in the UK the 
first edition of BS 476, dealing with fire resisting testing, was published in 1932. 
For structural elements, there are approved furnaces where a standard configurations 
of a wall, beam floor or column can be constructed and tested (see Fig.2-12) 
 
Fig.2-12. Standard fire tests for columns, floors, walls and beams (from C. Bailey) 
Failure criteria depend on the type of member tested and are defined in terms of 
stability, insulation and integrity.  
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Stability is a measure of the ability of the member to support the applied loads, with 
limits given on the maximum displacement and rate of displacement; it’s to be noticed that 
these limits are given mainly to reduce the probability of damage to the furnace.  
Insulation and integrity requirements are generally related with compartment 
/separating walls and floors. For insulation, the maximum temperature on the non-fire side 
must not exceed a maximum of 180°C or an average of 140°C, while to maintain integrity 
no significant sized holes must form in the element causing the transmission of hot gases; 
integrity failure is defined by ignition of a cotton pad held close to an opening. 
For the time being, standard fire tests do provide the background to most of the 
existing prescriptive approaches of structural fire design; in fact furnace testing using the 
standard time-temperature atmosphere curve is the traditional means of assessing the 
behaviour of frame elements in fire, but the difficulties of conducting furnace tests of 
representative full-scale structural members under load are obvious.  
The size of furnaces limits the size of the members tested, usually to less than 5m, and 
if a range of load levels is required then a separate specimen is required for each of 
these, on the other hand, tests on small members may not be representative of the 
behaviour of larger members. 
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Fig.2-13. Typical beam fire test in a furnace 
A further serious problem with the use of furnace tests in relation to the behaviour of 
similar elements in structural frames is that the only reliable support condition for a 
member in a furnace test is simply supported (see Fig. 2-13), with the member free to 
expand axially.  
When a member forms part of a fire compartment surrounded by the adjacent structure 
unaffected by the fire its thermal expansion is restrained from this surrounding structure. 
This problem is unique to the fire state, because at ambient temperatures structural 
deflections are so small that axial restraint is very rarely an issue of significance.  
As stated in previous section, axial restraint can work in different ways at different 
stages of a fire; in the early stages the restrained thermal expansion prevails, and very 
high compressive stresses are generated. However, in the later stages when the 
weakening of the material is very high the restraint may begin to support the member by 
resisting pull-in.  
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Therefore furnace tests allowing for this axial movement to develop cannot reproduce 
these restraint conditions at all; in particular, in the later stages a complete collapse would 
be observed unless a safety cut-off criterion is applied. In fact a beam furnace test is 
always terminated at a deflection of not more than span/20 for exactly this reason. 
Only recently a significant number of fire tests have been performed on fire 
compartments within whole structures but some years may pass before these full-scale 
tests are seen to have a real impact on design codes. In fact full-scale testing is so 
expensive that there will probably never be a large amount of documented results from 
such tests, and those that exist will have the major function of being used to validate 
numerical models on which future developments of design rules is probably based. 
These concepts of fire resistance and standard fire tests have the advantage of being 
easily understood both by designers and checking authorities and until now, they have 
proved to be an adequate approach for ensuring a minimum level of fire safety to 
buildings. However, prescriptive methods generally do not consider how buildings behave 
in fire. Besides, these concepts inhibit innovation and development of construction 
industry and they can also become very restrictive in situations where designs need to 
evolve to meet architectural or aesthetic requirements. For these reasons, the prescriptive 
designs have been evolving for many years towards the performance-based designs.  
A comprehensive “full” performance-based approach to fire safety engineering in 
buildings is an extremely complex multidisciplinary design procedure, involving the 
consideration of active and passive measures, movement of smoke and fire, detection 
systems, fire safety management, risk analysis and structural response. Although 
generally a full performance-based approach to fire safety it is not carried out, it is 
possible to carry out a structural fire performance-based approach, allowing for the 
understanding of the buildings performance when they are subjected to severe fires.  
In particular, a performance-based method for structural fire design involves the 
assessment of three basic components comprising an estimate of the severity of fire, an 
estimate of the temperature distribution trough the structure (thermal response) and an 
estimate of the structural response. The methodology applied for the assessment of each 
component is analogous to the process of designing structures to wind loads and seismic 
effects meaning that the function of a structural element is defined and a set of objective 
tests are given allowing for the evaluation of fire performance in relation to some key 
functional criteria. 
Ideally, the objective tests should be conducted by either full-scale fire tests or 
comprehensive numerical simulations. However, it is very difficult and expensive to 
conduct satisfactory tests for some performance aspects such as the steel beam-column 
connections, and this has meant that the structural fire designs have often evolved 
towards a hybrid between prescriptive and performance-based concepts. 
In general, the simplest and most common approach is to assume that the fire 
behaviour is represented by the standard fire test curve, than define the thermal response 
using test data and finally estimate the response of the building assuming a simple 
member behaviour.  
This approach forms the bases of design methods in the fire parts of the Eurocodes 
and although the disadvantages coming from the utilization of the standard fire curve and 
single member design, it generally allows more economical buildings to be designed and 
constructed if compared to the ones designed using prescriptive rules. 
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2.3.1 Overview of European Standards 
The general objectives of fire design are to limit risks with respect to the individual, 
society, property and environment. According to the Code, the building must be designed 
and built in such a way that load-bearing capacity is maintained for an assumed period of 
time, generation and spread of fire and smoke within the building are limited, occupants of 
the building can leave in safety and fire safety of firemen is guaranteed. 
The three basic issues of structural fire engineering are accounted for in the 
Eurocodes. In particular, EC1-1.2 covers the part related to fire modelling while the two 
other components involving thermal and structural analysis are accounted for in EC2-1.2, 
EC3-1.2 and EC4-1.2 by means of three design procedures with different levels of 
complexity. Such procedures include: 
? Tabular Data which are established solutions, for specific types of structural 
members. 
? Simple Calculation Models for specific types of structural members. 
? Advanced Calculation Models which can simulate the behaviour of the global 
structure, of parts of the structure, or of isolated structural members. 
Tabular data and simple calculation models can only be used for particular types of 
structural members under prescribed conditions. It is assumed that structural members 
are directly exposed to fire over their full length, so that the temperature distribution is the 
same over the whole length. Both methods give conservative results. Advanced 
calculation models are based upon fundamental physical behaviour and do provide 
realistic analysis of the behaviour in fire of the structure. These may be used to represent 
the behaviour of individual members, the whole structure or sub-assemblies.  
For the time being, even if Eurocodes allow for the use of advanced calculation 
models, their basic design procedures for use in routine fire engineering design are still in 
terms of isolated members and fire resistance is considered mainly in terms of a real or 
simulated furnace test. A schematic representation of the organization of Eurocodes is 
proposed in Fig.2-14: 
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According to the design philosophy adopted in the Eurocodes, fire is considered as an 
accidental action so that the probability of failure in the fire situation is accepted to be 
higher than in ambient temperature design. This assumption leads to reduced design 
actions; rules for the determination of design actions in fire are given in EC1-1.2. The 
normal Eurocode classification of loads is as permanent and variable; in fire the 
characteristic permanent actions (dead loading) are used unfactored ( =γ
GA
1.0 ) while the 
principal characteristic variable action (imposed loading) is factored down by a 
combination factor ψ1.1 whose value is between 0,5 and 0,9 depending on the building 
usage. The “reduction factor” or “load level for fire design” can be defined either according 
to Eq.[2.17]: 
η = fi.d.tfi,t
d
E
R
[2.17] 
(loading in fire as a proportion of ambient-temperature design resistance), which is 
relevant when global structural analysis is used, or to Eq.[2.18]: 
η = fi.d.tfi,t
d
E
E
[2.18] 
(loading in fire as a proportion of ambient-temperature factored design load), which is 
the more conservative, and is used in simplified design of individual members, when only 
the principal variable action is used together with the permanent action. This may be 
expressed in terms of the characteristic loads and their factors as given by Eq.[2.19]: 
γ + ψη = γ + γ
GA k 1.1 k.1
fi
G k Q.1 k.1
G Q
G Q
[2.19] 
Fire action is usually not combined with other independent accidental situations. 
Applied loads and their combinations to be used in the fire situation are defined in the 
Eurocodes 1990, 1991-1.1 and 1991-1.2; each of these documents is completed in each 
member state by a national annex containing all Nationally Determined Parameters that 
is, suitable Partial Safety Factors to comply with national authorities’ requirements. 
EC1-1.2 provides guidance on mechanical actions and for each assumed fire scenario 
defines the thermal effects of the fire which is most usually represented by the evolution of 
the temperature of the gas as a function of time. These time-temperature curves are either 
nominal curves (standard fires) relating to fire resistance rating or ‘natural’ (parametric) 
fire scenarios determined on the basis of the conditions prevailing in the fire compartment, 
clearly identifying both the prescriptive and the performance-based approach.  
The prescriptive approach uses nominal fires to generate thermal actions while the 
performance-based approach, using fire safety engineering, refers to thermal actions 
based on physical and chemical parameters. Local effects caused by localised fires may 
be represented by the impinging flux on the structure. This part of the Eurocodes also 
defines the boundary conditions allowing for the determination of the distribution of 
temperatures in the structure, namely the coefficients of convection and the emissivity of 
materials. 
EN1992-1-2 gives the principles, requirements and rules for the structural design of 
concrete buildings exposed to fire. The available practical approaches include the 
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prescriptive methods of tabulated data given in Section 5 for columns, walls, tensile 
members, beams and slabs under standard fire exposure. 
In addition, two simplified calculation methods: 1) 500°C isotherm method and 2) Zone 
method are provided in the informative Annex B for reinforced concrete members 
subjected to bending moment and axial load, under standard and parametric fire 
exposures. 
EN1993-1-2 provides material models of stress-strain curves for steel over an 
extensive range of temperatures, considering that steel suffers a progressive reduction in 
both strength and stiffness as their temperature increases in fire conditions. The 
calculation of fire resistance takes into account the loading level on the element; however 
the safety factors applied are lower than those used in strength design at ambient 
temperature. 
Fire resistance may be calculated in terms of time, as a load-bearing resistance at a 
certain time, or as a critical element temperature appropriate to the load level and required 
time of exposure. 
Critical temperature is calculated for members of classes 1, 2 or 3 which are not limited 
by stability considerations, from a single equation in terms of the load level in fire. Class 4 
sections are universally assumed to have a critical temperature of 350°C. 
Simple calculation models for the load resistance in fire of all types of elements are 
provided. In cases where the strength is controlled by buckling an empirical correction 
factor is used to account for a number of effects. It is also possible to calculate the 
temperature growth of protected or unprotected members in small time increments, in 
such a way that can easily be implemented on a spreadsheet. 
EN1994-1-2 provides same general design criteria as EN1993-1-2 for the calculation of 
fire resistance taking account of the loading level on the element, in the same way the 
safety factors applied are lower than those used in strength design. EN1994-1-2 covers 
mainly the load-bearing criterion "R", although at a simpler level it also covers the integrity 
of compartments "E" and insulation "I". It allows the use of three approaches for the 
assessment of structural behaviour in a fire design situation, that is: 
Simple calculations models for the load resistance in fire of common types of elements 
are given. In case of composite beams lateral-torsional buckling is neglected, and for 
columns the buckling fire resistance can be estimated according to code rules only for the 
case of braced frames.  
Fire resistance of composite beams comprising steel beam and concrete or composite 
slab may be calculated in terms of time, as a load-bearing resistance at a certain time, or 
as a critical element temperature appropriate to the load level and required time of 
exposure. Other members (composite slabs, composite beams comprising steel beams 
with partial concrete encasement, composite columns with partially encased steel sections 
and concrete-filled hollow sections) are examined in terms of the required fire resistance 
time. 
EN1994-1-2 provides also tabular design data for some structural types which are not 
easily addressed by simplified calculation methods. Besides, to assure the composite 
action during the fire exposure and the transmission of the applied forces and moments in 
the beam to column connections some constructional requirements must be fulfilled. 
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2.3.1.1 Fire Modelling 
Generally, the factors influencing the severity of a compartment fire can be 
summarised as follows: fire load type, density and distribution, combustion behaviour of 
fire load, compartment size and geometry, ventilation conditions of compartment and 
thermal properties of compartment boundary 
The occurrence of flashover in a compartment fire imposes a transition to the fire 
development. Therefore, many fire models are classified under pre- or post-flashover, 
except for the computational fluid dynamic (CFD) models, which cover both phases. 
There are several options available in EC1-1.2 to determine the fire severity as follows:  
? Standard/Nominal Fire Models – standard, external and hydrocarbon fires  
? Time Equivalences – relate standard fires to real fires  
? Parametric Fire Models – for post-flashover fires 
? Localised fires – for pre-flashover fires  
? External window fires – for fires through openings of fire compartment  
? Zone Models – one-zone models for pre-flashover fires – two-zone models for post-
flashover fires  
? CFD or Field Models – for general fire and smoke modelling  
The level of complexity increases from simple fire models to field models as shown in 
Fig.2-15. Basically, the first four fire models can be considered as simple models, 
whereas the zone and CFD models are advanced models. Of course, the input 
parameters for each of these models are quite different, increasing with the level of 
complexity.  
 
Fig.2-15. Options for fire modelling in compartments [Bailey] 
In the simple fire models, the gas temperature of a compartment is taken as uniform 
and represented by a temperature-time relationship; in this case smoke movement and 
fire spread are not considered so they are more suitable for modelling post-flashover fires. 
The advanced fire models are normally theoretical computer models simulating the 
heat and mass transfer process associated with a compartment fire. They can predict 
compartment gas temperatures in much more detail and the smoke movement and fire 
spread may be taken into account. A zone model may present the gas temperature into 
single or different zones, whereas a CFD model provides a space/field dependent gas 
temperatures distribution. 
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Standard/Nominal Temperature – Time Fire Curves 
The nominal or standard fire curves are the simplest way to represent a fire by pre-
defining some arbitrary temperature-time relationships, which are independent from 
ventilation and boundary conditions.  
The time-temperature curve defined in ISO834 and reported in Eurocode as Standard 
Fire Curve, does not represent any type of natural building fire; in fact it is characterised 
by an atmosphere temperature which rises continuously with time, even if at a diminishing 
rate (see Fig.2-16) 
 
Fig.2-16. Standard Fire Curve ISO834 
Where the structure for which the fire resistance is being considered is external, and 
the atmosphere temperatures are therefore likely to be lower at any given time (which 
means that the temperatures of the building materials will be closer to the corresponding 
fire temperatures), a similar External Fire curve may be used (see Fig.2-17). Besides, in 
cases where storage of hydrocarbon materials makes fires extremely severe a 
Hydrocarbon Fire curve is also given (see Fig.2-18): 
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Fig.2-17. External Fire Curve 
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Fig.2-18. Hydrocarbon Fire Curve 
According to the nominal fire curves, the Eurocodes provide some heat transfer 
parameters for thermal analysis to structural members such as convection factor, 
emissivity of fire and surface emissivity of members.  
Concept of Time Equivalence 
The concept of time-equivalence is used to relate the severity of real fires to the time-
temperature relationship in a standard fire test by relating the actual maximum 
temperature of a structural member from an anticipated fire severity, to the time taken for 
the same member to attain the same temperature when subjected to the standard fire. 
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Although easy to use, the time-equivalence is a crude approximate method of 
modelling real fire behaviour bearing little relationship with real fires whose main limitation 
is that the method is only applicable to the types of members used in the derivation of the 
adopted formulae.  
Generally, time-equivalence can either be determined by using a simple equation or 
taken from experimental data from natural and standard fire tests. The time-equivalence 
method given in Annex F (informative) of EC1-1.2 is only valid for reinforced concrete 
members or protected and unprotected steel.  
Natural Fire Models 
Among natural fire models, it is possible to choose between simple models and 
advanced models. Simple fire models are design fire based on a limited application field of 
specific physical parameters including: parametric, localised and window or external fires. 
Parametric fire models 
The concept of parametric fires provides a rather simple design method to approximate 
post-flashover compartment fire assuming a uniform temperature distribution. A 
parametric fire curve takes into account the compartment size, fuel load, ventilation 
conditions and the thermal properties of compartment walls and ceilings. If compared to 
the standard fires, parametric fires will give more realistic estimates of the fire severity for 
a given compartment.  
The use of parametric fire curves is more suitable in cases where the density of 
combustible materials is low because using the nominal fire curves would be 
unnecessarily conservative. 
In using a parametric curve the concept known as ‘equivalent time’ can be used both to 
compare the severity of the fire in consistent terms and to relate the resistance times of 
structural elements in a real fire to their resistance in the standard fire. This is useful in 
applying calculation models which are based on the standard fire heating curve, but the 
important aspect of using parametric fire curves and the calculated structure temperatures 
which come from these is that they represent an absolute test of structural fire resistance. 
The comparison is between the maximum temperature reached by the structure and its 
critical temperature, rather than an assessment of the way it would perform if it were 
possible to subject it to a standard fire time-temperature curve based on furnace testing. 
Annex A (informative) of EC1-1.2 provides the most validated approach for determining 
parametric fires of compartments. A typical parametric fire curve in accordance with EC1-
1.2 is shown in Fig.2-19. A complete fire curve comprises a heating phase represented by 
an exponential curve until a maximum temperature Θmax, followed by a linearly decreasing 
cooling phase until a residual temperature which is usually the ambient temperature. The 
fire intensity (Θmax) and fire duration (t*max) are two primary factors affecting the behaviour 
of a structure in fire, consequently, they are adopted as the governing parameters in the 
design formulae for the parametric fires.  
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Fig.2-19. A typical parametric fire curve 
The relationship between gas temperature and time must also have a cooling phase to 
prevent the calculated temperatures from rising to unreasonable values. Depending on 
the value of t*max, the gas temperature drop is described by a different linear curve. 
Basically, the design formulae for parametric fire curves are simple to use with the aid 
of simple spreadsheets. However, the application of the method presents the following 
limitations:  
? maximum compartment floor area of 500m2;  
? maximum compartment height of 4m;  
? roof without openings;  
? compartments with mainly cellulosic type fire loads;  
? compartment linings with thermal inertia between 100 and 2200 J/m2s1/2K.  
The validity of the background theory, as well as the application assumptions and 
limitations, for the parametric fire curves of Eurocode 1, the ENV1991-2-2:1996 version, 
have been investigated in an extensive research programme “Natural Fire Safety 
Concept” supported by the European Coal and Steel Community (ECSC) in between 1994 
and 1998 [Schleich & Cajot 1999], [Lennon and Moore 2003].  
Localised fire models 
When flashover is unlikely to occur a compartment fire should be taken as localised or 
pre-flashover fire. Depending on the size of the fire and of the compartment, a localised 
fire may or may not impinge on the ceiling of the compartment. The temperature in the fire 
flame and plume and the surrounding gas are not uniform, and need to be determined 
separately. This is the main difference from a post-flashover fire where the temperature is 
assumed to be uniform within the fire compartment. 
Annex C (informative) of EN1991-1-2 provides a simple approach to determine the 
thermal action of localised fires. The limitations of the approach include:  
? The diameter of fire is D ≤ 10 m  
? The rate of heat release of the fire Q ≤ 50 MW  
Depending on the height of the fire flame relative to the ceiling of the compartment, a 
localised fire can be defined as either a small fire (see Fig.2-20) or a big fire.  
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Fig.2-20. Schematic diagram for a small 
localised fire 
 
Fig.2-21. Localised fire impacting on ceiling of compartment 
Figure 2-21 shows a schematic diagram of a localised fire impacting on the ceiling with 
the ceiling jet flowing beneath an unconfined ceiling. As the ceiling jet moves radially 
outward, it loses heat to the cooler ambient air being entrained into the flow, as well as the 
heat transfer to the ceiling. Generally, the maximum temperature occurs relatively close to 
the ceiling [Karlsson et al.,1999]. EN1991-1.2 only provides design formulae to determine 
the heat flux received by the surface area at the ceiling level, but not for calculating the 
ceiling jet temperatures.  
Window fire models 
Structural members located outside a compartment may be exposed to fire through the 
windows of the compartment when there is occurrence of fire in the compartment. The 
direction of the fire flame from the window will be deflected due to wind effects, and hence 
the thermal actions on the external members. 
Annex B (informative) of EC1-1.2 provides a simple calculation approach for 
determining thermal actions for external members due to fire through windows of fire 
compartments. Basically, this method provides the following information: the maximum 
compartment temperatures, the size and temperatures of flame from openings and the 
heat transfer parameters of radiation and convection. The conditions for the application of 
this method are summarised as follows:  
? The maximum size of the fire compartment does not exceed 70 m in length, 18 m in 
width and 5 m in height.  
? Fire loads qr,d must be higher than 200 MJ/m2.  
? The flame temperature is uniform across the width and the thickness of the flame.  
Zone fire models 
Zone models are simple computer models dividing the considered fire compartments 
into separate zones, where the condition in each zone is assumed to be uniform. The 
simplest model is a one-zone model for post-flashover fires, in which the conditions within 
the compartment are assumed to be uniform and represented by a single temperature.  
The theoretical background of zone models is the conservation of mass and energy in 
fire compartments. Basically, the models take into account of rate of heat release of 
combustible materials, fire plume, mass flow, smoke movement and gas temperatures. 
They rely on some assumptions concerning the physics of fire behaviour and smoke 
movement suggested by experimental observation of real fires in compartments.  
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One-zone models are only valid for fully developed, post-flashover fires. The gas 
temperature, gas density, internal energy and pressure are assumed to be uniform in the 
fire compartment. The fundamentals of one-zone models are solving the ordinary 
differential equations for the conservation of mass and energy in the compartment 
[Schleich and Cajot 1999], mainly: 
Annex D (informative) of EN1991-1-2 (2002) provides some basic equations for the 
conservation of mass and energy in one-zone models. Figure 2-22 shows a schematic 
diagram how a compartment is modelled in a one-zone model. 
 
Fig.2-22. Schematic diagram 
for a typical one zone model 
 
Fig.2-23. Schematic diagram for a  
typical two zones model 
Two-zone models are valid for localised or pre-flashover fires. The compartment is 
divided into different zones including the upper layer, lower layer, fire and plume. The 
main features include: upper layer represents the accumulation of smoke and pyrolysis 
beneath the ceiling, in each layer, the gas temperature is uniform with the upper lower 
being hotter, there is horizontal interface between the upper and lower layers and the air 
entrained by the fire plume from the lower layer into the upper layer is taken into account.  
Figure 2-23 shows a schematic diagram how a compartment is modelled in a two-zone 
model. Similar to the one-zone models, the two-zone models are based on the solving the 
ordinary differential equations for the conservation of mass and energy in the 
compartment, but at a higher degree of complexity.  
Besides, in real enclosure fires a pre-flashover fire may develop into a post-flashover 
fire under certain circumstances. Annex D (informative) of EN1991-1-2 (2002) lists two 
possible situations in which a two-zone fire model may develop into a one-zone fire 
model.  
Computational Fluid-dynamic fire models 
Field models are computational fluid dynamics (CFD) based models and represent the 
latest, most advanced and sophisticated fire modelling technique used to predict fire 
growth and compartment temperatures. CFD models have been shown to be successful 
in the modelling of smoke movement and have recently been applied to the modelling of 
fires. They are capable of modelling pre-flashover and localised fires in complex 
geometries with smoke movement in multi-compartments. 
According to Annex D (informative) of EN1991-1-2 (2002), typical CFD models analyse 
systems involving fluid flow, heat transfer and associated phenomena by solving the 
fundamental equations of the fluid flow in a very large number of points in the 
compartments. Most CFD models for enclosure fires are appropriate for low-speed, 
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thermally-driven flow with an emphasis on smoke and heat transport from fires. 
The input requirement for CFD models is very demanding and requires expertise in 
defining the correct input parameters and assessing the feasibility of the calculated 
results. On the other hand, the results are given with much greater detail, providing the 
variables in all points of the compartments, such as temperature, velocity and chemical 
species concentration. 
2.3.1.2 Design procedures 
Once the compartment atmosphere temperature is predicted, the temperature of the 
structure needs to be estimated to allow for the determination of the structural response. 
Calculation of temperatures in structural members can be extremely complex, especially 
for material that retain moisture and have a low thermal conductivity.  
The simplest method of defining the temperature profile through the cross-section is to 
use test data presented in tables or charts which are published in codes or design guides; 
this test data is generally based on the standard fire curve. 
It is also possible to use simple heat transfer models based on one dimensional heat 
flow, however simple computer programs are needed to solve the heat transfer equations. 
Alternatively, advanced finite element heat transfer models can be used, but this requires 
the relevant expertise to ensure the models are applied correctly and used within their 
limitations. 
For the time being, there are only few design formulae available to determine the 
temperature distribution of steel and concrete members. It should be noted that these 
formulae are only valid for the prediction of thermal response to the heating conditions 
upon which the formulae are derived and in most cases, the formulae have been 
empirically derived from standard fire tests. As a result, designers are often unable to 
apply the formulae to their particular design with different heating conditions, for example 
in case of a natural fire.  
The main assumption in the design formulae to determine the temperature distribution 
of structural members is that member boundaries are not subject to any possible changes 
during the fire exposure, except for a partial or total loss of the insulation for steelwork. 
The temperature rise of steelwork is normally determined for small time steps and the 
temperature rises are added after each time step until the end of fire exposure. The loss 
of insulation can easily be considered in the analytical procedure by changing the 
boundary conditions at any specified time step and onwards. 
However, to date, the spalling of concrete cannot be incorporated in any simple 
calculation formulae since the mechanism of spalling is very complicated and difficult to 
be quantified. For concrete members, spalling of concrete cover can occur during a fire 
exposure reducing the cross section of the member and exposing the reinforcement to the 
fire, resulting in a greater loss in strength. Without considering spalling, the calculation of 
the thermal response will tend to be less conservative and may lead to unsafe design in 
the structural response.  
Simple design equations are presented in EC3-1.2 and EC4-1.2 to predict temperature 
development of bare steel. The approach considers both radiative and convective heat 
transfer and although a spreadsheet is required to solve the equation over the fire 
duration, it is easy to use. Similar equations are given for protected steel sections but in 
this case the thermal properties of the proposed protection material are needed and 
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generally is not easy to obtain them from the manufacturers.  
For composite beams comprising steel beams with concrete encasement, the heating 
of the cross section is far more complicated than for simple down-stand beam. In fact, the 
lower flange of the steel beam is heated directly, while other parts are protected by the 
concrete placed between the flanges. Due to these facts it is not possible to estimate the 
temperatures of the individual parts of the section by simple calculation and to compare 
them with a general critical temperature.  
In this case, for the purpose of calculation of bending moment resistance, the concept 
of reduced cross-section is adopted by the code (Annex D, EC4-1.2). Individual parts of 
the cross-section (lower steel flange, web and rebars between flanges), over which the 
temperature distribution is uniform or linearly varying, are assumed to have their full 
section but reduced strength. Horizontal areas non-uniformly heated are assumed to have 
full strength, while the parts affected by heat are excluded from the calculation (concrete 
infill, the lower parts hc,fi of the concrete slab, the ends bfi of the upper steel flange). 
Computational models may cover the thermal response of the structure to any defined 
fire, either nominal or parametric, and should be based not only on the established 
physical principles of heat transfer but also on given variations of thermal material 
properties with temperature. The more advanced models may consider non-uniform 
thermal exposure, and heat transfer to adjacent structure. Since the influence of moisture 
content in protection materials is inevitably an additional safety feature, it is permissible to 
neglect this in analysis. 
The simplest method for predicting the structural response of buildings in fire is to 
analyse individual members at what is termed the fire limit state (FLS). The design adopts 
relevant partial safety factors which provide realistic estimates of the likely applied load at 
the time of the fire and the likely material resistance of the member. The approach of 
designing individual members evolved from results and observations in standard fire tests.  
Prescriptive methods for instance, have been derived from standard fire test data 
assuming that members are fully stressed at ambient temperature. For some special 
cases under standard fire conditions and for braced frames only, such solutions are 
presented in Eurocodes in the form of Tabular Data. In this case, it is assumed that 
neither the boundary conditions nor the internal forces at the ends of members change 
during the fire, and that the loading actions are not time-dependent. The only 
deformations taken into account are those caused by thermal gradient so that the fire 
resistance depends on the load level ,fi tη , on the cross-section proportions and on the 
reinforcement ratio. Tabular data is available for simply supported composite beam 
comprising steel beam with partial concrete encasement and encased steel beams, for 
which the concrete has only an insulating function; besides, include all kinds of composite 
columns which are fully connected to the columns above and below and with fire limited to 
only a single storey. In certain cases, the application of tabular data depends on additional 
conditions.  
Simple design methods, which are based on fundamental engineering principles, can 
be used irrespective of the fire model used. However, some empirical structural design 
methods can only be used with the standard time-temperature fire model, which were 
used to derive the methods; these are given in the Eurocodes and take into account the 
reduction in strength and stiffness of materials during a fire. 
The simple design models for individual members are assumed to be conservative but 
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do ignore some aspects of the actual behaviour of real buildings. A possible design 
approach to predict more accurately the behaviour of buildings in fire is to use finite 
element modelling. The approach incorporates the stress-strain-temperature relationship 
of materials and can predict stresses and deformations throughout the whole structure. 
Expertise is required to use these advanced models and special care is required in 
defining the types of elements used, boundary conditions, localised behaviour and 
interpretation of the results. Although finite element modelling of whole building behaviour 
can provide a more accurate estimation of the structural response, over the full duration of 
the defined fire, they can be poor at predicting localised behaviour such as reinforcement 
fracture and connection failure due to the need to refine the element type and mesh 
density to adequately identify localised behaviour. All designs carried out using finite 
element modelling should consider the possibility and consequence of localised 
behaviour.  
A radical finite element modelling could include the modelling of whole building to 
understand the global structural behaviour and locate any localised weak links, followed 
by refined modelling of the weak links to investigate any critical localised failure. 
It is worth emphasising that the analysis of the structure will only be as accurate as the 
fire modelling and thermal analysis. Therefore the accuracy of all three components of the 
design should be considered when assessing the final analysis. 
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2.4 Conclusive remarks 
Assessing the structural fire safety of a building is a very complex matter whose main 
feature is based on a sound understanding of the mechanical principles governing its 
behaviour under fire conditions. 
Unfortunately, in most of the current codes fire resistance is assessed by making use 
of procedures based on the behaviour of isolated structural elements in standard furnace 
tests; this procedure, presents several limitations which may be summarized in the 
followings: 
? The structural elements of a building do not work independently as treated in a 
standard fire test. The interaction between structural elements in a fire can have both a 
beneficial and detrimental effect on the survival of the building as a whole. Beneficial 
effects are generally due to the formation of alternative load-path mechanisms such as 
compressive and tensile membrane action, catenary action and possible rotational 
restraint from connections. The detrimental effect can be due to restrained thermal 
expansion resulting in large compressive forces being induced into elements, 
particularly vertical elements, which then causes instability.  
? The standard curve does not represent a real fire, which generally comprises three 
distinct phases: growth, steady burning and cooling (or decaying). The severity of a 
real fire in a compartment is governed by the geometry of the compartment, amount of 
combustible material, ventilation conditions and thermal characteristics of the 
compartment boundary. Different types of fire can result in different structural 
behaviour. For example, a short duration high temperature fire can result in spalling of 
concrete exposing steel reinforcement due to the thermal shock. Whereas a long 
duration low temperature fire can result in a higher average temperature in the 
concrete members resulting in greater thermal expansion and a greater overall 
reduction in concrete strength.  
For the above mentioned reasons, most countries are trying to evolve towards 
performance based codes for structural fire safety in order to replace the traditional 
prescriptive design methods. For doing so several problems need to be solved, one for all 
the lack of international agreement on the appropriate link between qualitative 
performance objectives and quantitative analysis results.  
In fact, in order to assess the building performance against the qualitative performance 
expectations in the code means that at some point in the process the performance must 
be quantified to enable this assessment. For the time being, there is no common 
perception of how performance requirements should be quantified and the methodology 
adopted by different countries shows considerable diversity. The reluctance in many 
countries to include formal quantitative performance in the regulations largely reflects the 
state of art of fire engineering both in terms of design methodology and performance 
assessment. 
In the same way, European Standards allow for the possibility of using advanced 
calculation models in each phase of the structural fire engineering process thus implying a 
performance based approach, but as a matter of fact they do not provide any means of 
assessing fire performance or to quantify performance objectives.  
Therefore, in spite of recent progress in fire engineering, there are still significant 
challenges remaining in order to achieve universally accepted design methodologies and 
performance measures.  
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Chapter 3 
Steel-concrete composite structures exposed to 
fire  
3.1 Introduction 
Composite steel-concrete structures now account for over 50% of new office buildings 
in the UK. This relatively new form of construction in Europe, although common in North 
America, has posed important questions of its performance in fire. 
Methods for determining the fire resistance of steel and composite structures have 
developed considerably in recent years being based on major programmes of testing and 
supported by computer modelling. Besides, recent developments in terms of performance 
of single elements in standard fires, and full-scale behaviour of floors and complete 
structures in natural fires have been made.  
European codes now present design methods which are consistent with test data and 
with material lows at elevated temperatures and some forms of construction have been 
developed which utilise partial protection and composite action with concrete to enhance 
their fire resistance.  
In particular, in the last years in Europe there has been a concerted effort to develop a 
greater understanding of the natural fire resistance of multi-story unprotected steel-framed 
buildings, through experimental and theoretical studies. To facilitate this investigation, a 
series of fire tests were conducted on a full-scale eight story steel-framed composite 
building at the BRE’s Cardington, UK laboratory. 
Preliminary findings from these tests indicate that for multi-storey buildings, with a 
continuous composite floor system, fire protection to the supporting steel beams may be 
eliminated without compromising the overall safety of the building. However, these tests 
also show that fire protection may still be needed for steel columns. On the other hand 
studies from the NRCC [Lie and Kodur, 1996] show that high fire resistance can be 
obtained through concrete filling in steel hollow structural section (HSS) columns. Thus, in 
a building system that combines the use of the continuous composite floor system with 
concrete-filled steel columns, a practical solution is available that enables the elimination 
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of fire protection of the steel. 
Based on the current knowledge, the combined use of composite floors supported on 
concrete-filled steel tubular columns represents a feasible approach in the use of 
unprotected steelwork in the composite steel-frame multi-storey buildings. The research 
will lead to development of validated computer models and simplified design tools for 
evaluating the fire resistance based on the realist behaviour of whole buildings. Validated 
computer models for evaluating the fire resistance will be highly useful. In fact, using this 
approach, the fire resistant design can be carried out entirely on a rational basis and cost-
effective measures can be derived in a consistent manner.  
Besides, the move by many countries, towards performance based design codes is 
expected to accelerate the development and acceptance of such calculation methods 
for assessing fire resistance. This will help in the use of unprotected steel, thus 
improving the cost-effectiveness of both steel and composite structures. However, 
before such computer models can be confidently used and the proposed unprotected 
building system becomes a reality, a number of technical problems need to be 
thoroughly researched and solved such as: 
? Detailed study of large-deflection behaviour of reinforced concrete slabs. In the 
event of the supporting beams losing their load carrying capacity, the large-deflection 
slab behaviour has been identified to directly transfer the loads to the supporting 
columns. To reliably predict this behaviour, extensive tests are required to investigate 
the influence of many of the involved parameters. 
? Studies of the performance of connections between steel beams and concrete-filled 
tubular columns. The current methods to provide beam-to-column connections for 
profiled steel members have evolved over many years and are well accepted. A 
number of methods to connect steel beams to steel tubular columns are available; 
studies should be carried out to assess their cost-effectiveness and their behaviour 
under fire conditions. 
? Validation of theoretical models. The results from the large-scale structural fire tests 
at Cardington provide very useful information on how whole steel structures behave 
under fire conditions. However, many more studies will be required for the development 
of practical design guidance. These can only be provided by carrying out extensive 
numerical studies. Thus, validation of various theoretical models is vital if the full 
benefits of overall structural behaviour, as seen in the Cardington fire tests, are to be 
realized in practice to facilitate the use of unprotected steel. 
? Development of design guidance. Current design guidance has been developed on 
the basis of fire test results of individual structural members. Future design guidance 
should take into account the implications of fire resistant design for the whole building 
system, rather than merely refine the design rules for individual structural members 
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3.2 Simple calculation models 
As pointed out in previous section, for the time being simple calculation models 
represent the main par of current Eurocodes. EC4-1.2 deals with composite steel-
concrete structures and provides simple design formulae to determine the thermal 
response of the following structural members: protected and unprotected composite 
beams, unprotected composite slabs, square and circular steel concrete filled hollow 
sections. Afterwards, on the basis of the obtained temperature distribution the fire 
resistance of isolated structural members is assessed. 
EC4-1.2(4.3.4.2.2) provides some rules for the determination of temperature 
distribution for protected and unprotected composite beams comprising a steel beam with 
no concrete encasement. The temperatures of the lower and upper flanges are assumed 
uniform over the thickness and are obtained by making use of a mono dimensional heat 
transfer equation which needs some spreadsheet to be solved. The obtained values of 
temperature are then used to determine the bending moment resistance of the composite 
section according two different methods: the critical temperature and the bending moment 
resistance method. 
Annex D of EN1994-1.2 gives the formulae for the evaluation of the temperature 
profiles in the slabs. Basically, the approach allows the temperatures of steel sheet, 
reinforcement bars in the ribs and the concrete slab to be separately calculated. The 
temperatures of the lower flange, web and upper flange of the steel decking, and the 
reinforcement bars in the ribs can be obtained by using empirical formulae. However, the 
calculation of temperature profiles for the concrete part of the slabs is rather complicated 
as the temperature distribution across a concrete cross-section exposed to fire conditions 
will not be uniform. It will be too complicated to establish the isotherms within the concrete 
by using empirical formulae.  
A simple model for establishing the isotherm for a certain limiting temperature within 
the concrete is provided, neglecting temperatures beyond the limiting temperature and 
taking the remaining parts of cross section as if under room temperature conditions. It 
must be emphasised that the limiting temperature is derived from equilibrium over the 
cross section and has no relation with temperature penetration [Both 1998]. Such 
simplification may be adequate for the calculation of hogging moment resistance, but not 
for the thermal response analysis of the slabs.  
For composite beams comprising steel beams with concrete encasement, the heating 
of the cross section is far more complicated than for simple down-stand beam. In fact, the 
lower flange of the steel beam is heated directly, while other parts are protected by the 
concrete placed between the flanges. Due to these facts it is not possible to estimate the 
temperatures of the individual parts of the section by simple calculation and to compare 
them with a general critical temperature.  
In this case, for the purpose of calculation of bending moment resistance, the concept 
of reduced cross-section is adopted by the code (Annex F, EN1994-1-2). Individual parts 
of the cross-section (lower steel flange, web and rebars between flanges), over which the 
temperature distribution is uniform or linearly varying, are assumed to have their full 
section but reduced strength. Horizontal areas non-uniformly heated are assumed to have 
full strength, while the parts affected by heat are excluded from the calculation (concrete 
infill, the lower parts hc,fi of the concrete slab, the ends bfi of the upper steel flange). 
The same concept is applied for columns comprising cross-sections with partial 
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encasement (Annex G, EN1994-1.2). In this case, for the purpose of the calculation of the 
design value of the plastic resistance to axial compression and of the effective flexural 
stiffness in the fire situation, the cross-section is divided into four components (flanges of 
the steel profile, web of the steel profile, concrete contained by the steel profile, 
reinforcing bars) each of them evaluated on the bases of reduced strength, reduced 
elastic modulus and reduced section in function of the required standard fire resistance. 
A different approach is adopted for circular and square concrete filled hollow sections 
comprising a two step analysis (Annex H, EN1994-1.2) in which the calculation of 
temperatures over the cross-section is the first step to allow for the determination of the 
buckling resistance in fire. 
3.2.1 Composite slabs 
All the rules given in EC4-1.2 for slabs are valid for both simply supported and 
continuous slabs. It is assumed that steel decking is not insulated but is heated directly, 
and that there is no insulation between the structural concrete slab and surface screeds. 
EN1994-1.2 Annex D determines fire resistance of composite slabs according to 
thermal insulation and provides some formulae for the determination of the temperature 
distribution. The fire resistance to thermal insulation is given by Eq.[3.1] 
1 1 2
3 3
4 5i 0 3
r r
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l l
A At a Φ a a aL L+= + + + + [3.1]
where: Φ is the view factor of the upper flange [-], a0...a5 is the coefficients for 
determining the temperatures of various parts of the steel decking as given in EC4-1.2 
Table D.1, A/Lr is the rib geometry factor [mm] given by Eq.[3.3], A is the concrete volume 
of the rib per m rib length [mm3/m], h2 is the depth of the rib [mm], Lr is the exposed area 
of the rib per m rib length [mm3/m], l1,l2 and l3 [mm] are shown in Fig 3-1. 
The temperatures Θa of the lower flange, web and upper flange of the steel decking are 
given by Eq.[3.2]: 
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where: b0…b4 is the coefficients for determining the temperatures of various parts of 
the steel decking as given in EC4-1.2 Table D.2.  
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Fig.3-1. Definition of geometric dimensions of composite slabs and rib geometry factor (EN1994-1-2) 
The temperature Θs of the reinforcement bars in the rib is given by Eq.[3.4]: 
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where: α is the angle of the web [degree], c0…c5 is the coefficients for determining the 
temperature of rebars in the rib as given in EC4-1.2 Table D.3, h2 is the depth of the rib 
[mm]; u1, u2 is the shortest distance from the rebar centre to any point of the webs [mm]; 
u3 is the distance from the rebar centre to lower flange [mm] and z is the factor indicating 
the position of rebar in the rib [mm-½]. 
Figure 3-2 shows how to measure the distances u1, u2 and u3 for the reinforcement 
bars in the ribs of a composite slab. 
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Fig.3-2. Definition of u1, u2, and u3 for rebar in the rib (EN1994-1-2) 
For the concrete slab over steel decking, EC4-1.2 does not provide a simple model for 
calculating the temperature distribution; it only provides a conservative approximation by 
treating the composite slabs as solid slabs with the temperature distribution. One 
assumption of the method is that the steel deck remains bonded to the concrete. 
In the calculation, the composite slab is replaced by a solid slab with an effective 
thickness heff which is given by Eq.[3.5]: 
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where the cross section dimensions h1, h2, l1, l2 and l3 are given in Figure 3-3.  
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Fig.3-3. Cross section dimensions of composite slabs (EN1994-1-2) 
The temperature at a depth x from heff can then be obtained from EC4-1.2 Table D.5. 
After the distribution of temperature is obtained, bending resistance moment is determined 
by making use of plastic theory by simply determining the equilibrium of cross-section. 
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3.2.2 Composite beams without concrete encasement 
The temperature rise in a metal member subjected to a fire is largely dependent on its 
section factor mA V . The larger the section factor, the more rapidly a member increases in 
temperature. Members with a small section factor have a slow rate of temperature rise, 
and in some cases they have sufficiently large thermal capacity so that they do not require 
any additional fire protection. 
The temperature in the flanges and in the web is considered uniform over the thickness 
(see Fig.3-4)  
 
Fig.3-4. Division of the cross-section for the determination of temperature distribution 
The increase of temperature ∆Θa, t [K] in each part of the unprotected steel member 
during a time interval ∆t is given by Eq.[3.6]: 
m net,da,t sh
a a
A Vk h tc∆θ = ∆ρ
i
[3.6]
where: aρ  is the unit mass of steel, mA  is the surface area of the member per unit 
length [m2], m VA  is the section factor for unprotected steel members [m-1], ac  is the 
specific heat of steel, ,net dh
i
 is the net heat flux per unit area, 5sec.t∆ ≤  is the time 
interval [sec], V  is the volume of the member per unit length [m] and shk  is the correction 
factor for the shadow effect ( 1.0shk =  if the shadow effect is ignored). 
The correction factor shk attempts to reduce the temperature gain for sections whose 
flanges cause a "shadow effect" on the inner perimeter areas in order to reproduce test 
results better. This effectively substitutes the circumscribing rectangular box area in the 
section factor bm )V/A(  for the true perimeter area, as well as an empirical factor of 0,9 
which particularly applies to I- or H-sections. For any other section this extra correction is 
not applied, and in the case of convex cross-sections (the most usual being circular) the 
value of shk is set to 1,0. In any case, neglecting to use shk results in a conservative 
(higher) estimate of the section temperature in design.  
For what concerns the section factor, expressions are given both for lower and upper 
flange respectively by Eq.[3.7] and [3.8]. If less than 85% of top steel flange is in contact 
with the concrete slab it is considered as fully exposed.  
p i 1 1 1 1A / V 2(b e ) /b e= + [3.7] p i 2 2 2 2A / V (b 2e ) /b e= + [3.8] 
For members with passive protection the basic mechanisms of heat transfer are 
identical to those for unprotected steelwork, but the surface covering of material of very 
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low conductivity induces a considerable reduction in the heating rate of the steel section. 
Besides, the insulating layer itself has the capacity to store certain, if small, amount of 
heat. 
It is acceptable to assume that the exposed insulation surface is at the fire atmosphere 
temperature (since the conduction away from the surface is low and very little of the 
incident heat is used in raising the temperature of the surface layer of insulation material). 
Considering these facts, a similar approach is provided by EC3-1.2 for insulated steel 
members with non-reactive fire protection materials.  
The insulating materials can be in the form of profiled or boxed systems, but do not 
include intumescent coatings. So assuming uniform temperature distribution over the 
cross-section, the temperature increase ∆θa, t of an insulated steel member during a time 
interval ∆t (= 30 sec) is given by Eq.[3.9]:  
( )
( ) ( )p p g,t a,t /10a,t g,tp a a
A / V
t e 1
d c 1 /3
φλ θ −θ∆θ = ∆ − − ∆θρ +φ [3.9] 
where: pλ  is the thermal conductivity of fire protection material [W/mK], Θa,t is the steel 
temperature at time t [°C], Θg,t is the ambient gas temperature at time t [°C], ∆Θg,t is the 
increase of ambient gas temperature during time interval ∆t [K], ρa is the unit mass of 
steel [kg/m3], ρp is the unit mass of fire protection material [kg/m3], Ap/V is the section 
factor for steel members insulated by fire protection material [m-1], Ap is the appropriate 
area of fire protection material per unit length [m2], ca is the temperature dependent 
specific heat of steel [J/kgK], cp is the temperature independent specific heat of fire 
protection material [J/kgK], dp is the thickness of fire protection material [m], ∆t is the time 
interval [seconds] and V is the volume of the member per unit length [m3]. 
Two methods are provided for calculation of sagging bending moment resistance of 
beams without concrete encasement: the critical temperature method and the bending 
moment resistance method. 
The Critical Temperature Method is a simplified method, which can be used for the 
case of simply supported composite beams composed of hot-rolled down-stand steel 
sections of up to 500mm depth and concrete slabs with a thickness of not less than 
120mm. For such configurations it is assumed that the temperature over the depth of the 
steel section is uniform.  
The advantage of this method is that it is not necessary to calculate the bending 
moment resistance in fire directly; in fact, the critical temperature is a function of the load 
level for the fire limit state, ,fi tη . In the fire situation the ultimate limit state is reached 
when the load-bearing resistance Rfi,d,t decreases to the value of the design effect of 
actions in fire Efi,d,t so that the load level can be expressed by Eq.[3.10]: 
fi,d,t
fi,t
d
R
Rη = [3.10]
It has been shown experimentally that the compressive strength of concrete has not a 
significant influence on the bending moment resistance of composite beams in fire. The 
reason for this is that the resultant tension in the steel section is rather small due to its 
high temperature. The neutral axis position is therefore high in the concrete slab, and only 
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a small part of the slab is in compression (sees Fig.3-5). 
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Fig.3-5 Temperature and stress distribution for composite beam comprising concrete slab and down-stand 
steel section 
Considering this fact, it is clear that the bending moment resistance in the fire situation 
is influenced mainly by the steel strength. The critical temperature of the steel part can be 
determined by Eq.[3.11]: 
amax, cr
fi,t
ay,20 C
f
0,9 f
θ
°
η = [3.11]
The obtained value of the critical temperature is then compared with the temperature of 
the steel section after the required fire duration, calculated from the formulas for 
unprotected or protected sections. It’s useful to point out that the term t,fi 9,0 η  is almost 
completely equivalent to the "Utilisation Factor" which is used in the same way in EC3-1.2 
for non-composite steel construction. 
When the steel section is deeper than 500 mm or the slab thickness is less than 120 
mm, the Bending Moment Resistance Method must be used. The bending moment 
resistance is calculated using simple plastic theory, so the steel section must be Class 1 
or 2. The concrete slab must have sufficient rotational capacity, which is assured by the 
fulfilment of the requirements given in EC2-1.2. 
At the required fire resistance time the neutral axis position is obtained as usual from 
equilibrium of the tensile force T in the lower part and the compressive force F in the 
upper part (see Fig.3-5).  
This process can also be used for a composite slab with profiled steel sheeting, if the 
slab depth is replaced by heff (Section 2.1.1.2). It is also important to check whether the 
temperature of the compressed concrete zone hu is less than 250°C, otherwise a following 
more complicated formula for the estimation of hu has to be used which has to be solved 
by iteration, assuming a stepped temperature profile using the average temperatures at 
10mm steps. 
3.2.3 Composite beams with concrete encasement 
Composite beams comprising steel beams with partial concrete encasement consist of 
a concrete slab (either flat or ribbed), a steel section and concrete placed between the 
flanges of the steel section. The rules given in EC4-1.2 are valid for either simply 
supported or continuous beams including cantilevers. This contrasts with beams without 
concrete encasement to the steel section, which can only be considered as simply 
supported because of the possibility of local buckling at the connections.  
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For calculation purposes plastic theory is used. The validity of the calculation 
procedures given in the Code is restricted by required minimum slab thickness and steel 
profile dimensions, both of which depend on the required fire safety class of the building. 
The position of the neutral axis is defined on the basis of a plastic distribution of stresses 
and from the equilibrium of tensile and compressive resultants. Assuming that no net axial 
force is taken into account the moment resistance is simply calculated by summation of 
the contributions of each of the stress blocks shown in Fig.3-6. 
 
Fig.3-6. Stress distribution for calculation of sagging moment resistance 
The moment resistance must exceed the design moment in the FLS (see Eq.[3.12]): 
fi,Sd fi Sd fi,RdM .M M
+ += η ≤ [3.12]
For hogging moment resistance, the calculation method is the same as that for sagging 
moment resistance, except for some differences in definition of the reduced section. To 
determine the axial plastic resistance Nfi,pl.Rd and the flexural stiffness ( ) z,eff,fiEI  in the fire 
situation, the cross-section is divided into: the flanges of the steel section, the web of the 
steel section, the reinforcing bars and the concrete infill between the flanges (see Fig.3-7): 
 
Fig.3-7. Stress distribution for calculation of hogging moment resistance 
For each of these components the temperature for the required standard fire resistance 
(R30, R60, R90 or R120) is estimated. A reduced strength and modulus of elasticity is 
then determined as a function of temperature. In the simple calculation model a uniform 
temperature distribution is assumed over certain elements, but in case of the steel web 
and the concrete infill the outer parts have a considerably higher temperature and thus a 
high thermal gradient occurs. Because of this fact the sections of the steel web and the 
concrete infill are reduced, with the outer parts (hw,fi and bc,fi) being ignored.  
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3.2.4 Composite columns 
The process for fire engineering design of partially encased composite steel and 
concrete columns, in the context of braced frames, consist in the determination of the 
following quantities and may be summarised as follows: 
? Plastic resistance to axial compression 
? Effective flexural stiffness 
? Determination of critical length 
? Euler critical buckling load 
? Non-dimensional slenderness ratio 
? Buckling resistance 
Provided that a fire is limited to a single storey, and that the fire-affected columns are 
fully connected to the colder columns below and above, it is possible to assume that their 
ends are rotationally restrained so that the buckling length in the fire situation is estimated 
assuming fixed ends.  
In the simple calculation model the buckling resistance in fire is obtained from 
Eq.[3.13]: 
Rd,pl,fiRd,fi NN χ=      [3.13] 
where  is the reduction coefficient for buckling about the minor axis z, evaluated 
according to rules of EC3-1.1, but using only buckling curve (c) to relate it to the non-
dimensional slenderness ratio θλ ,z , Nfi,pl.Rd is the design value of the plastic resistance to 
axial compression in the fire situation. The non-dimensional slenderness ratio θλ ,z  is 
given by Eq.[3.14]: 
fi,pl.R
z,
fi,cr,z
N
Nθλ = [3.14]
where Nfi,pl.R is the value determined when the factors γ M,fi,a, γ M,fi,s and γ M,fi,c are taken 
as 1,0 and Nfi,cr,z is the Euler critical buckling load for the fire situation, obtained from 
Eq.[3.15]: 
( )2 fi,eff,z
fi,cr,z 2
EI
N
lθ
π= [3.15]
In this equation lb and ( ) z,eff,fiEI  are the buckling length and the flexural stiffness of the 
cross-section in the fire situation, respectively.  
In the more detailed calculation rules given by EC4 Part 1.2 there are some differences 
between their applications to different types of cross-section including: steel sections with 
partial concrete encasement (unprotected and protected) and concrete-filled circular and 
square hollow sections (unprotected and protected). 
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Steel section with partial concrete encasement 
There are some restrictions to the use of the simple calculation model given in EC4-1.2 
? Buckling length lb≤ 13,5 b 
? Depth of cross-section h is between 230 mm and 1100 mm,  
? Width of cross-section b is between 230 mm and 500 mm, 
? Minimum h and b for R90 and R120 is 300 mm, 
? Percentage of reinforcing steel is between 1% and 6%, 
? Standard fire resistance period ≤ 120 min 
To determine the axial plastic resistance Nfi,pl.Rd and the flexural stiffness ( ) z,eff,fiEI  in 
the fire situation, the cross-section is divided (see Fig.3-8) into: the flanges of the steel 
section, the web of the steel section, the reinforcing bars and the concrete infill between 
the flanges. 
u2 ew
hw,fi bc,fi
u1
bc,fi
b
e,f
h
Y
Z
Fig.3-8. Division of the cross-section in individual components 
Of course, the applied procedure is the same as for composite beams with partial 
concrete encasement. 
Unprotected concrete filled hollow sections 
Annex F (informative) of EN1994-1-2 provides a calculation model valid only for circular 
and square hollow sections, which not includes non-square rectangular sections; besides, 
its use is subjected to the following limitations: 
? buckling length lb≤  4,5 m 
? depth b or diameter d of cross-section is between 140 mm and 400 mm,  
? concrete grade is either C20/25 or C40/50, 
? percentage of reinforcing steel is between 0% and 5%, 
? standard fire resistance period ≤ 120 min. 
The assumptions made for the temperature calculations are: 
? The temperature of the steel wall is homogeneous 
? There is no thermal resistance between the steel wall and the concrete 
? The temperature of the reinforcing bars is equal to the temperature of the concrete 
surrounding them, 
? There is no longitudinal thermal gradient along the column. 
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So the net heat flux transmitted to the concrete core can be obtained from Eq.[3.16]: 
anet,d a ah c e t
⎡ ⎤⎢ ⎥⎢ ⎥⎣ ⎦
• ∂θ= ρ ∂ [3.16]
while the heat transfer in the concrete core is given by Eq.[3.17]: 
c c ccc, c, c,c   t y y z z
⎛ ⎞ ⎛ ⎞⎜ ⎟ ⎜ ⎟⎜ ⎟⎜ ⎟ ⎝ ⎠⎝ ⎠θ θ θ
∂θ ∂θ ∂θ∂ ∂ρ = λ + λ∂ ∂ ∂ ∂ ∂ [3.17] 
Estimation of the temperature distribution can be made by means of either finite 
difference or finite element methods. When using the finite difference method the unit 
dimension of the square mesh “m” for square sections, or the distance between two 
adjacent circular meshes “n” for circular sections, should not be greater than 20 mm. The 
number of nodes n1 across the width b of the square member or n2 across the diameter d 
of a circular member is given by: 21 b mn =  for square members, 2 d nn =  for circular 
members. 
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3.3 Research towards the use of unprotected structures 
It is well recognised that unprotected structural steel members perform poorly when 
subjected to fire if compared to an equivalent protected steel or concrete member. The 
cause of the steel’s reduced performance at higher temperatures can mainly be attributed 
to a reduction of strength and stiffness due to thermal degradation. In fact, structural steel 
typically has a very high ratio of surface to cross-sectional area if compared to typical 
structural concrete members and this combined with steel’s high thermal conductivity 
leads to a more rapid heating. 
To limit this loss of strength and stiffness, it has become common practice to thermally 
protect all structural steel by adding external fire protection in order to satisfy required 
resistance ratings, or less conservatively to make use of unprotected structural steel. A 
protective coating of concrete or other insulation material can be applied to structural steel 
members, thus increasing their performance in fire.  
However, both the current practice of providing fire protection and the design of 
unprotected structures for fire are based on the behaviour of single elements under 
idealistic situations. As already said, this approach is supported by most countries current 
fire tests where isolated members are tested in standard furnaces, but it has proved to be 
over-conservative and does not represent the real fire behaviour of structures in fire.  
In the last years, there has been a spurt of worldwide research activities aimed at 
minimizing such fire protection costs. The steel industry in the UK has expended 
considerable research effort on demonstrating the inherent fire resistance of unprotected 
steelwork; in fact conventional fire protection systems can add up to 30% to the cost of 
bare steelwork, and there are many forms of structure where such protection can be 
shown to be unnecessary, leading to considerably economies.  
Both in real fire events and tests, it has been observed that unprotected structural steel 
in fire can have greater fire resistance where it is a part of a frame, particularly where steel 
behave in composite action with a concrete slab.  
There is growing support [Bailey et al.,2002] that design of individual unprotected steel 
members is overly conservative, and neglects fundamental observations of interactions of 
structural components and those members restraining them. All these studies have mainly 
focused on understanding the realistic fire behaviour of complete structures and on 
developing innovative systems with inherent fire resistance. Feasible solutions are now 
emerging, in which the external fire protection may be completely removed, in certain 
situations, without compromising the fire safety of steel structures. This system uses the 
conventional composite slab/steel beam flooring system in conjunction with concrete-filled 
steel tubular columns. Research studies at BRE suggest that it might be possible, through 
proper design, to eliminate fire protection for steel in this system.  
Full-scale fire testing of a typical steel framed office building at the Cardington 
Research facility has shown that the interaction of all the structural components together 
within a steel framed building cannot be overlooked. Steel beams acting together with a 
concrete slab when heated from below by fire have been shown to support loads well 
beyond the expected failure temperature of the steel alone. Clearly in this situation the 
concrete slab is offering additional strength after the steel beam has failed. 
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Other fire tests at the Cardington Research facility with the structural steel not acting 
compositely with a concrete slab showed surprising results. The results were that even 
after the steel beam had undergone excessive deflections structural capacity was 
maintained. 
Unprotected structural steel has been shown to survive for the duration of severe fires, 
resulting in large deflections but no collapse. The severity of fire that can be resisted by 
unprotected steel appears to be a function of not only the stiffness of the member 
considered, but also the stiffness of the complete frame. Traditionally, when designing 
unprotected steel for fire, the connections are not generally considered, nor are the effects 
of stiffness of the surrounding structure but it is shown that the stiffness of the fire-
exposed member is linked to the restraint offered by the complete frame so that the 
complete building behaviour has to be considered. 
3.3.1 Conventional Structural Fire Protection Systems 
In many steel framed buildings, structural fire protection is needed to meet the 
requirements of legislation and to prevent failures of major building components in fires. A 
wide range of fire protection systems are available (see Fig.3-9) such as: 
? Spray or board protection 
? Intumescent coatings 
? Partial or complete encasement in concrete 
 
Fig.3-9. Ways of applying fire protection 
Spray or board materials are considered as traditional fire protection methods. The 
various spray systems include mineral fibre products, vermiculite-based products which 
include either cement or gypsum, perlite/cement products and chemical compounds that 
absorb heat, such as magnesium oxychloride. 
The majority of these systems form slurry in a mixer which is pumped through the 
nozzle onto the steel substrate. The mineral fibre/cement mixture is mixed with a water 
spray at the nozzle head. The thicknesses of these materials vary from 10 to 100 mm with 
specific mass in the range of 200 kg/m3 to 1000 kg/m3. To achieve the required degree of 
fire resistance, it is important that the specified thickness of coating is applied. Inspection 
of the quality of the coating and thickness checking is therefore required. However, no 
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specific guidance is currently available on the number of positions where thicknesses 
should be checked and the acceptable tolerance limits. 
These sprayed materials have several advantages. They are fast to apply, inexpensive 
and can be adapted to cover complicated shapes including the voids between metal deck 
floors and steel beams. Their disadvantages are that they are messy, can cause damage 
due to overspray and are sometimes susceptible to cracking and shrinkage. They do not 
provide an attractive surface finish unless trowelled smooth. 
These systems of protection are generally applied to hidden elements, e.g. beams 
above suspended ceilings. It may be possible with the aid of colouring to integrate these 
coatings to the architectural aspect of the structure. The spray composition must be 
compatible with the substrate, be it primed or un-primed steelwork. 
The abrasion and impact resistance of sprayed insulation is improved with an increase 
in its cohesive strength and density. The coatings are difficult to repair and therefore it is 
important that any attachments to the steelwork are made prior to the installation of the 
fire protection. 
Dry systems include board systems based on mineral fibre or vermiculite, mineral fibre 
batts and ceramic fibre blankets. Board materials can either be glued in place using 
noggings, or screwed to a framework or to other boards. The specific mass of the board 
materials vary between 165 to 800 kg/m3. 
These products are generally easy to use. The extent of checking required during 
installation is much less than that needed with a spray-applied coating as the products are 
manufactured with reliable thicknesses. They provide some degree of flexibility in 
programming, are clean, cause little damage to surrounding constructions and offer a 
good surface finish. Some board products are soft or brittle and are susceptible to 
mechanical damage; others are susceptible to water damage and are only suitable for 
internal use. Installation is not easily adaptable around complex shapes. Few problems 
are encountered by compatibility with substrates. 
Recent developments have seen an increase in the use of mineral fibre batt materials. 
These materials have a specific mass around 100 kg/m3 and are held in place using pins, 
welded at regular intervals onto the steel surface, and retaining washers. 
The desirable properties of both the spray and dry systems of protection are as follows: 
? good thermal insulation, that is low thermal conductivity and/or high thermal 
capacity.  
? satisfactory mechanical resistance to shock and impact.  
? good adhesion to the element to prevent separation of the protection material by 
rising temperature and deformation of the structural member. 
In order to facilitate the use of sprayed and sheet materials, special graphs have been 
prepared by authorised fire testing laboratories. These graphs give the thickness of a 
specific material as a function of the section factor, the critical temperature of the 
structural member, and the required fire resistance period, as shown in Figure 3-10. 
All of these methods are normally applied as on site operation after the main structural 
elements are erected. This can introduce a significant delay into the construction process, 
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which increases the cost of construction to the client. The only exception to this is 
represented by some systems in which intumescent coatings are applied to steelwork at 
the fabrication stage, so that much of the site-work is avoided.  
These methods can provide any required degree of protection against fire heating of 
steelwork, and can be used as part of a fire engineering approach. However traditionally 
thicknesses of the protection layers have been based on manufacturers’ data aimed at the 
relatively simplistic criterion of limiting the steel temperature to less than 550°C at the 
required time of fire resistance in the ISO834 standard fire.  
Fire protection materials are routinely tested for insulation, integrity and load-carrying 
capacity in ISO834 furnace test. Material properties for design are determined from the 
results by semi-empirical means. Open steel sections fully or partially encased in 
concrete, and hollow steel sections filled with concrete, generally do not need additional 
fire protection. In fire the concrete acts to some extent as a heat-sink as well as an 
insulator, which slows the heating process in the steel section.  
Intumescent systems materials are used to provide a decorative finish to a structure 
but when exposed to heat they form a carbonaceous char and compounds which absorb 
heat undergoing chemical changes in fire. They have become popular in recent years 
because they can be applied off-site, and are therefore off the critical path as regards the 
construction operation.  
A range of thin film coatings are available that can satisfy up to 90 minutes fire 
resistance. These products are mainly suitable of internal use. A range of thick film 
coatings based upon the epoxy chemicals can satisfy up to 120 minutes fire resistance. 
These coatings exhibit satisfactory ageing characteristics when used externally. 
The thin film coatings or mastics foam and swell under the influence of heat to produce 
an insulating char layer up to 50 times thicker than the original film thickness. These 
products can be applied by spray, brush or roller. In order to apply thicker coats multiple 
treatments are necessary. Control measurements on thickness are required using 
proprietary measuring equipment which has been developed for assessing paint 
thickness.  
Only a limited amount of investigation of durability has been conducted on the ability of 
certain products to be used externally. Most of the products have good resistance to 
impact and abrasion. A simplified graph showing fire resistance periods provided by a 
single coat of intumescent paint is shown in Figure 3-11. 
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Fig.3-10. Derivation of required insulation 
thickness for a fire resistance of 90 minutes 
 
Fig.3-11. Fire protection provided by a single coat of 
specified thickness of an intumescent paint 
Tests have shown the need to evaluate the performance of intumescent coatings over 
a variety of shapes and orientations of the substrate. In the long term it is anticipated that 
this form of fire protection may be installed by the steel fabricator. 
Although these materials have resistance to impact and abrasion, mechanical damage 
can occur, particularly on columns, requiring maintenance of the paint system to be 
carried out. 
As we saw in previous section, Eurocodes provide an equation to calculate the rise in 
temperature of protected steelwork. The thermal conductivity of the insulation material iλ , 
and its thickness di are taken into account as i idλ . The heat capacity of the insulation is 
also included. The thermal conductivity of insulating materials changes with their mean 
temperature. This change can be taken into account in more precise calculations. 
However, if no detailed information is available and if only an approximate answer is 
required, the analysis may be based on average values of iλ , which are assumed to be 
valid for the whole temperature range during a fire. It may be shown that under such 
circumstances the time to attain a certain steel temperature is governed by the factor 
m ii A d Aλ . 
The required thickness of insulation for a structural steel member may be determined 
by using a nomogram (see Fig.3-12) relating critical temperature, applied load, section 
factor and fire resistance.  
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Fig.3-12. Use of nomogram to predict required thickness of insulation 
Partial encasement in concrete also represents a practical option for achieving fire 
protection in floors and columns, as discussed in details in the next section. The Slimfloor 
and Slimdeck concepts have been developed in which the steel beams are encased in the 
solid or ribbed concrete floor, so that only the bottom plate or flange is exposed. Besides, 
a series of fire tests has been carried out on these forms of construction at TNO in the 
Netherlands and in the UK and they showed that this kind of floor may achieve a fire 
resistance of over 90 minutes. Concrete filled hollow sections are also efficient in fire, as 
demonstrated by research carried out by CIDECT. 
3.3.2 Composite steel-concrete constructions 
The use of composite steel-concrete components in buildings is becoming increasingly 
important in fire resistant design because they offer several choices for influencing the rise 
in temperature of the steel. One is the position and mass of the concrete and a second 
option is the possibility of redistributing the internal stresses to protected and cooler parts 
of the section. 
The most recent design codes are explicit about the fact that the structural fire 
resistance of a member is dependent to a large extent on its loading level in fire, and also 
that loading in the fire situation has a very high probability of being considerably less than 
the factored loads for which strength design is performed. This presents designers with 
another option which may be used alone or in combination with other measures. A 
reduction in load level by selecting composite steel and concrete members which are 
stronger individually than are needed for ambient temperature strength, possibly as part of 
a strategy of standardising sections, can enhance the fire resistance times, particularly for 
beams. This can allow unprotected or partially protected beams to be used. 
The effect of loading level reduction is particularly useful when combined with a 
reduction in exposed perimeter by making use of the heat-sink effects of the supported 
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concrete slab and concrete full or partial encasement. The traditional down-stand beam 
(Fig.3-13a) gains some advantage over complete exposure by having its top flange upper 
face totally shielded by the slab; beams with concrete encasement (Fig.3-13b) provide 
high fire resistance (up to 180´), but their big disadvantage are complicated constructions 
of joints and the need of sheeting. Better solution is to use steel beams with partial 
concrete encasement (Fig.3-13c). Concrete between flanges reduces the speed of 
heating of the profile's web and upper flange, contributes to the load bearing resistance, 
when lower part of the steel beam loses its strength very quickly during the fire. The big 
advantage is that the partial encasement of the beam can be realised in the shop without 
the use of sheeting, the beam is concreted in stages in the side way position. The 
construction of joints is always very simple, typical joint types in common use in steel 
structures can be adopted also here.  
The recent innovation of “Slimflor” beams (Fig.3-13d), in which an unusually shallow 
beam section is used and the slab is supported on the lower flange, either by pre-welding 
a plate across this flange or by using an asymmetric steel section, leaves only the lower 
face of the bottom flange exposed. 
 
 
Fig.3-13. Inherent Fire protection of steel beams 
Composite floors utilising profiled steel decks are very frequently used in building (see 
Fig.3-14). Profiled steel decking forms the underside to the concrete floor construction and 
it’s directly exposed to heat. Fire tests on isolated slabs has shown that the composite 
slab can achieve up to 120 minutes fire resistance with only a single layer of mesh 
reinforcement and without any fire protection applied to the ceiling. For longer periods of 
fire resistance for floors with high loading and long spans, additional reinforcement may 
be necessary. Furthermore there is considerable opportunity for membrane action in the 
floor slab at large deformations to enhance fire performance of composite slabs, as 
evidenced by the full-scale tests at BRE Cardington. 
 
 
Fig.3-14. Composite steel deck floors, typical cross-sections 
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Different types of composite construction utilising steel sections are manufactured into 
fire resistant columns and beams. 
One of the great advantages of composite columns is their uniform outside dimensions 
in multi-storey buildings. By varying the thickness of the steel section, the material 
qualities of both steel and concrete, and the percentage of reinforcement, the cross-
section of the column may be adapted to support an increased load without significant 
changes in the outer dimensions. Each type of composite column has specific advantages 
and ranges of application. 
The oldest type of composite column, Figure 3-15(a), is the steel section encased in 
concrete. Its advantages are a high allowable load level in fire conditions and a high load-
carrying resistance not only for centrally applied loads, but also for bending moments. The 
fire resistance is normally 90 minutes or more. 
 
Fig.3-15(a). Steel section encased in 
concrete 
 
Fig.3-15(b). Steel section with concrete 
between flanges 
 
Fig.3-15(c). Rolled steel sections and concrete 
The second type, namely the steel section with concrete between the flanges, can 
support considerable central loads and high bending moments. The amount of shuttering 
is significantly reduced. Other advantages are a good resistance to mechanical damage 
without the need for corner reinforcement and the ability to use conventional steel 
connections between the columns and steel beams similarly concreted and reinforced 
between the flanges, as shown in Figure 3-15(b). Such composite sections may reach any 
desired fire resistance level. 
The cross-section of concrete-filled hollow steel column can be either rectangular or 
circular as shown in Figure 3-16(a, b, c). The performance in fire depends mainly on the 
member size and the tensile and flexural properties of the concrete. If non-reinforced 
concrete is used the fire resistance is normally 30 minutes (Fig.3-16a). However, a rating 
of 120 minutes can be achieved by the inclusion of reinforcing bars or steel-fibre 
reinforcement (Fig.3-16b). 
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3-16(a) 3-16(b) 3-16(c) 
Fig.3-16. Concrete-filled hollow columns 
The steel core column (Figure 3-16c) is a further development of the concrete filled 
hollow section but with the main part of the load-carrying steel cross-section protected 
against fire by layers of concrete. The fire resistance of this type of column varies from 60 
minutes to higher values depending upon the thickness of the concrete layer. These 
columns are used as centrally loaded members with small load eccentricities. 
Steel hollow structural section (HSS) columns are very efficient structurally in carrying 
compression loads and moments and are widely used in the construction of framed 
structures both for office and industrial buildings. Often these sections are filled with 
concrete to enhance the load-bearing capacity, reduce the cross-section size, which 
increases usable space inside the building, and allow rapid erection without requiring 
formwork. The two components of this kind of composite columns complement each other 
ideally, in that the steel casing confines the concrete laterally allowing it to develop its 
optimum compressive strength, while the concrete, in turn, enhances resistance to elastic 
local buckling of the steel wall. However, steel is extremely vulnerable to fire and in the 
past building codes normally required fire protection for these columns. This effectively 
eliminated the potential for architects to create design using exposed steel.  
Research conducted over a ten year period at NRC’s Institute for Research in 
Construction [Lie & Denham] using a large test furnace showed that filling steel columns 
with concrete increase both their load bearing capacity and their inherent fire resistance. 
So the need for external fire protection for steel is eliminated allowing architects and 
engineer to expose the steel in their designs. Added benefits include an increase in 
usable floor space and reduction in fire-protection costs. Properly designed concrete-filled 
columns can lead economically to the realization of architectural and structural design with 
visible steel without any restriction on fire safety.  
At room temperature, the load is carried by both the concrete and the steel. When the 
column is exposed to fire, however, the steel carries most of the loads during the early 
stages because the steel section expands more rapidly than the concrete core. Heat from 
the steel shell is gradually transferred to the concrete filling, but as the thermal properties 
of the concrete are very favourable (having low heat conductivity) the heating of the core 
is relatively slow  
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At higher temperatures, the steel section gradually yields as its strength decreases, 
and the concrete part progressively takes over the load-carrying role so that the column 
rapidly contracts at some point between 20 and 30 minutes after exposure to fire. As the 
temperature of the concrete core increases, its strength decreases and ultimately, when 
the column can no longer sustain the load, either buckles or fails in compression. The 
decrease of the mechanical properties of the concrete is slower than in the case of 
encased steel sections, because the steel section protects it from direct fire exposure and 
prevents spalling. 
Recent research at the NRCC on concrete-filled steel columns complements, to some 
extent, European studies in facilitating the fully unprotected steel structures. The studies 
at NRCC were mainly focused on steel HSS, and the main aim was to develop 
unprotected steel columns to obtain fire resistance as long as 3 h. Both experimental and 
theoretical studies, using computer models, were carried out to investigate the influence of 
concrete filling on the fire resistance and load capacity of HSS columns. 
The NRCC experimental programme consisted of fire tests on full-scale concrete filled 
HSS columns. Both circular and square columns were tested and the influence of various 
factors was investigated. Test data were used to validate the computer programmes that 
were developed for predicting the fire behaviour of columns.  
Besides, in several studies [Lie & Irwin,1995], [Lie & Kodur,1996] supported by the 
North American steel industry, IRC researchers tested and developed computer models 
for both square and circular HSS columns. They investigated the influence of significant 
factors such as type of filling (plain concrete, bar reinforced and steel-fibre-reinforced 
concrete), concrete strength, type and intensity of loading, column dimensions and 
slenderness ratio. 
The fire resistance of columns filled with plain concrete is limited between one and two 
hours. Failure occurs because of a reduction in the compressive strength of the concrete 
with increased temperature together with rapid crack propagation in the concrete, 
resulting in premature failure of the concrete core. Fire resistance of this kind of columns 
is very sensitive to the presence of loads acting away from the longitudinal axis. 
These studies demonstrated that the fire resistance of steel columns can be improved 
significantly by filling them with bar-reinforced or steel-fibre-reinforced concrete instead of 
plain concrete; in this way fire resistance ratings of up to three hours can be obtained 
without any reduction in the load carrying capacity so their use permits more cost-effective 
construction. 
In general, filling steel columns with reinforced concrete offer the following advantages 
over plain-concrete filling such as: 
? Greater tensile strength added to the composite system 
? Less cracking under service conditions 
? Greater resistance to deterioration from material fatigue, impact, shrinkage and 
thermal stress 
The presence of steel fibres, about 2 percent by mass, reduces cracking in the 
concrete and contributes to the compressive strength at elevated temperatures, thus 
preventing premature failure of the concrete core. These benefits can be attributed to the 
superior mechanical and thermal properties of steel-fibre-reinforced concrete at elevated 
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temperatures, and to the containment effect provided by the steel fibres to the concrete 
core. The increased cost of using steel-fibre-reinforced concrete rather than plain concrete 
as a filling for HSS columns can often be justified by the several advantages offered, 
including: 
? Better deformation behaviour, resulting in progressive than sudden failure 
? Increased load-carrying capacity – of between 10 and 20 percent 
? Increased fire resistance – of between 2 and 3 hours even under eccentric loads 
? Decreased buckling 
? Suitability for a wide range of column dimensions 
Column filled with bar-reinforced concrete offer many of the same advantages of 
columns filled with steel-fibre-reinforced concrete. They are, however, more expensive 
because of the labour involved in placing the reinforcing bars. They are also more difficult 
to work with in confined spaces with regard to achieving sufficient coverage of the 
reinforcing bars. 
So the use of concrete filling in hollow steel columns is an effective way to increase the 
fire resistance of these columns and to reduce fire-protection costs, while giving architects 
the freedom to create pleasing designs using exposed steel. Other benefits include 
increased usable floor space and reduced construction costs because this type of column 
can be prefabricated and erected in all types of weather. 
Finally, for hollow concrete-filled sections it is very important to realise that at high 
temperatures both the free moisture-content of the concrete and also the chemically 
bonded water of crystallisation is driven out of the concrete, and it is necessary to avoid 
any build-up of pressure by allowing it to escape. All hollow sections should therefore 
have openings of at least 20 mm diameter at both the top and bottom of each storey. 
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3.4 Real tests and fire events 
In the last years, many European countries have undertaken a number of fire 
resistance tests on steel and composite members. The findings have led to the 
development of new composite floor systems and advance in fabrication technology of fire 
protecting steel frames which permits to reduce costs significantly.  
The British Steel Program tried to find the true inherent fire resistance in the steel 
framed buildings in order to fully utilise the structural contribution in severe fires. A number 
of tests with natural fires and realistic environments have been developed to replace the 
gas fired furnace of a single floor beam as investigations following real fires and analytical 
models have proven that complete structures perform better in fire than single elements 
as expected. 
With various locations of the fire within the structure, different structural restraint and 
load levels were also investigated. The common commercial constructions were tested 
instead of the idealized conditions in order to consider the realist scenarios in both loading 
and compartment design and layout. 
Besides, an important additional source of data was represented by the observation of 
the behaviour of composite structures in real fire events; one for all was represented by 
the Broadgate Phase 8. The peculiarity of this event relied in the fact that it developed in a 
building which was still under construction therefore offering the possibility to observe 
characteristic fire scenarios. 
The main findings from the observed structural behaviour during the Broadgate Phase 
8 Fire are discussed in the next section together with the main results coming from the 
Cardington fire Tests which still represents one of the major large fire scale tests. In both 
cases, conclusions derived from the observed phenomena represent a valuable source of 
comparison in order to validate numerical models able to predict the effective behaviour of 
complete structures in fire conditions.  
3.4.1 The Broadgate Phase 8 Fire 
On June 23rd, 1990 a fire developed in the partially completed fourteen-storey 
Broadgate building. As the building was still under construction, fire and smoke detection 
systems were not yet operational, and the automatic sprinkler system was not active. The 
floor was constructed using composite long span lattice trusses and composite beams 
supporting a composite floor slab and was designed to have 90 minutes fire resistance. At 
the time of the fire the passive fire protection for beams and trusses was not complete; 
besides the columns had not been fitted with fire protective cladding. 
The fire originated inside a contractor’s hut located on the ground floor, remaining 
unchecked for some time, spreading smoke throughout the building. The total cost of 
damage caused by the fire was 25 million pounds. Only 2 million of this has been 
estimated as damage to the structural steel frame or concrete floor. The fire duration was 
approximately 4.5 hours, of which 2 hours could be described as severe burning. Flames 
out of the contractor’s hut window were at least 1000°C. Despite this, metallurgical testing 
has shown that the peak temperature of the steel framework was only around 600°C, 
while bolted connections did not exceed 540°C. 
Most of the structural steel work was exposed to the fire, due either to incomplete fire 
protection installation, or removal of what protection was in place by pressurised water 
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from fire hoses. The most significant structural damage was axial shortening of columns 
and large deflections of trusses and beams, producing dishing of floors of up to 600mm in 
some areas. Because the steel temperatures did not get to above 700°C, and the loads 
within the unoccupied building were low; most of the deformed structural members were 
able to perform without transferring loads to cooler parts of the structure. The steel beams 
had a maximum measures permanent deflection of 270mm with signs of local buckling of 
the bottom flange and web near the supports. The fabricated steel trusses that supported 
the floor slab had a maximum permanent deflection of 552mm over a span of 13.5m. 
Some components of the trusses showed signs of buckling which was due to thermal 
expansion provided by other members of the truss which caused additional compressive 
axial forces. 
The maximum deformation of the slab was 600mm and some failure in the 
reinforcement was observed. Steam release and the effects of thermal restraint and 
differential expansion caused debonding between the metal deck and the concrete in 
some areas. 
A mixture of cleat and end plate connections were used in the construction of the 
building. No connections failed in the fire but deformation was evident. Some fracturing 
was also evident. This was attributed to tensile stresses caused during cooling. The 
connections that displayed fracturing were still able to transfer shear. 
No structural failure occurred and the integrity of the floor was maintained during the 
fire. Most of the repair cost was a result of smoke damage rather than being attributed to 
the structural frame. Typical column damage is shown in Figure 1. 
It was found that restraint conditions of members were important in the performance of 
heat-affected parts of the frame. For instance, small columns located close to a much 
larger column were found to have suffered more damage than the same sized smaller 
column without other adjacent larger columns. This is because as the smaller column 
would heat faster than the much larger column, its rate of axial expansion would be 
greater. This expansion would be restricted by the stiffness of the much larger column if it 
were present, causing large compressive stress within the smaller column. Similar effects 
were observed with beams and trusses that were fixed against rotation at end supports. 
This differing rate of temperature change within different sized members is not considered 
in standard fire resistance tests, where each member is tested independently.  
The Broadgate fire demonstrated that there is a need to consider the stability of the 
frame as a whole in fire engineering. Loss of capacity of individual members is not 
relevant, but most important is the maintenance of a reliable load path during, and after 
the fires duration for structural stability 
3.4.2 The Cardington fire tests 
The Cardington test was undertaken by the Building Research Establishment at the 
Cardington laboratory at Bedfordshire, UK. Six major tests were carried out between 
January 1995 and July 1996 ranging from fire testing individual beams within a frame to 
the burnout of a fully furnished office. Most of the information on tests is reported in British 
Steel (1999) and in a paper by Rotter [Rotter et al.1999]. 
A prime objective of the tests conducted at Cardington was to provide data to aid the 
development of understanding of the interactions between different structural mechanisms 
determining the overall behaviour of composite steel frames in fire. The bulk of the work in 
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that project was devoted to developing computer models that would describe the ‘real’ 
behaviour in the tests. Results from the large-scale fire test program revealed a number of 
phenomena that would not be observed from fire tests on individual elements under the 
standard fire exposure. 
The tests involved the construction of an eight storey structural steel frame with 
composite concrete floor slabs (see Figg.3-17 and 3-18). The building was designed to 
model the typical modern office in a city centre according to the British Standard, BS 5950 
and the Eurocodes, EC3 and EC4. The building had a concrete slab supported on 
composite steel-concrete beams and steel columns [Sanad et al., 1999]. 
The footprint of the building covered 21m x 45m and was 33m high. The length of the 
building was split into five equal bays and the breadth of the building was divided into 
three bays. The two outer bays were 6m wide while the centre bay was 9m wide. A 9m x 
2.5m lift well was placed centrally and two 4m x 4.5m stairwells were placed at either end 
of the building. The structure was designed as a braced frame. The beams were designed 
as simply-supported acting compositely with the floor slab. The composite floor consisted 
of 0.9mm thick steel deck with an overall 130mm thick slab. Anti-crack mesh was 
specified as the slab reinforcement consisting of 6mm diameter wires at 200mm centres. 
Fig.3-17. Cardington frame 
 
Fig.3-18. Frame test 
In the single beam test, a composite beam connected to the rest of the cold structure 
was subjected to the standard ISO 834 fire. The beam was heated over the middle eight 
metres out of its nine metre length in order to keep the connection as close to ambient 
temperature as possible. With 3-10°C / minute heating rate, the beam was heated on its 
three sides up to 800-900°C through the section profile. It was found that the restraint 
conditions offered by the cold frame and the slab gave very different results for the beam’s 
mid-span deflection. It was noticed that runaway deflection did not occur even though the 
steel strength had reduced to less than 10% of its yield strength at ambient conditions. 
Even when the steel temperature of the beam was up to 875°C the deflection was found 
to have been equal to span/30. At this time the test was stopped because of electrical 
breakdown of data collection equipment.  
Local buckling occurred at both ends of the beam. The lower flange was distorted as it 
expanded against the column web. Thermal contraction during cooling generated very 
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high tensile forces, which caused fracture at the end-plate connection at both ends. This 
fracture occurred over a period of time rather than instantaneously. The other side of the 
plate retained its integrity and was able to provide shear capacity to the beam. 
The maximum deflection in the floor reached a value of 250 mm; however there was no 
sign of structural failure. Numerical simulations based on the most favourable boundary 
condition (assuming full continuity between beam and column connections) indicated that 
the secondary beam would have experienced failure at a temperature of about 750°C in 
the test. The secondary beam was completely engulfed in the fire and reached a 
temperature in excess of 900°C; however, not only did the beam not fail, but there was no 
indication of any sign of imminent structural failure.  
Trying to explain the observed behaviour of steel beams, calculations were carried out 
using the conventional bending theory. At 900°C, the strength and stiffness of the 
composite beam were reduced to less than 10% of their original values at the ambient 
temperature condition. Therefore the observed beam behaviour could not be sustained if 
the steel beam was assumed to support the composite slabs under the fire condition.  
The observed behaviour is possible only when the slab was holding the weakened 
steel beam and directly transferring the applied load to the columns. Besides, calculations 
showed that the bending capacity of the slab was much lower than the applied load. Thus, 
the observed beam/slab behaviour could not be explained by conventional bending theory 
(related to small deflections). 
To explain the above behaviour, an alternative load carrying mechanism was thought 
to be active under the fire conditions and it was identified as the tensile membrane action 
in the composite slab. This mechanism occurs under large slab deflections, in which the 
tensile reinforcement acts as a net to resist the applied load. Failure of the slab does not 
occur until the reinforcement bars fracture at very large strains. 
The last test (compartment test) involved the testing of a completely outfitted 136 m2 
compartment furnished as in a typical office with an estimated fire load of 45 W/m2°C. The 
steel columns were fire protected but the beams were not. Within 10 minutes of ignition, 
the ambient temperature reached 900°C, and at the height of the fire, the calculated heat 
release was 58 kW. The fire temperatures were recorded at being over 1200 °C, and the 
steel beams were recorded to have a peak temperature of up to 1100 °C with still no 
collapse, but considerable deflections. However, the maximum displacement of the beams 
was 640 mm after 62 minutes, and the structure still resisted load and did not lose its 
integrity to passage of smoke or flame. The steel beams would have only have had 3% of 
their strength at 1100°C, with such little remaining strength left in the steel, the beams 
could only contribute as catenary tension members. It is thus clear that the concrete floors 
were supplying strength to the structural system resisting by membrane action.  
Results from the tests showed that the beams act compositely with the slab in normal 
fire conditions. Many of the beams in the tests were unprotected and there was no 
evidence of structural collapse. The maximum recorded steel temperature was over 
1100°C. Many of the internal beams showed signs of local buckling in the lower flange 
and in part of the web in close proximity to the connections. The local buckling was 
caused by restraint to thermal expansion and enhanced by negative moments caused by 
thermally induced curvature and connection restraint.  
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Design guidance based on these fire tests were prepared in the form of the SCI 
publication in which it is shown that fire protection on secondary beams may be 
eliminated, provided that the membrane action of the slab and its reinforcement can resist 
the loads transferred to it at large deformations in fire. 
Various fire tests were carried out in which the beams were unprotected and only the 
columns and core area were fire protected.  
Results coming from both, the Cardington experiments and the computer modelling of 
those experiments, demonstrate that the composite steel framed building tested exhibited 
inherently stable behaviour under applied fire scenarios due to the highly redundant 
nature of the structural system. This behaviour is characterized by several thermo-
mechanical phenomena, which interact. This complex interaction is highly dependent 
upon the structural layout and the thermal regime in the considered fire compartment. 
Several of the identified thermo-mechanical phenomena happening during the test 
include: 
? Restrained thermal expansion leading to thermal buckling in both beam and slab 
structural elements 
? Thermal bowing due to differential temperatures in the main structural elements and 
through depth thermal gradients leading to large hogging moments if the ends are 
continuous and tensions if the ends are pinned 
? Induced P-δ moments due to high axial forces (in highly restrained compartments) 
and large deflections due to large thermal straining 
? Alternative load carrying mechanisms arise from the membrane stiffness of the 
concrete slab and contribute to load redistribution based upon the displacement 
constraints enforced by the requirements of compatibility 
 
Fig.3-19. Slab membrane action 
 
Fig.3-20. Buckling of lower flange  
and folding of web 
Fig.3-21. Column squashing 
 
Fig.3-22. Local buckling of beams 
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Of the identified phenomena, the dominant effect is that of restrained thermal 
expansion in the main structural elements. In the early stages of the fire, lateral restrain to 
translation (causing compression), coupled with rotational restraint to thermal bowing 
(causing hogging moments), leads to local buckling in steel beams which limits the forces 
applied to the rest of the structure and to increasing deflections in a post-buckled state. 
In the later stages of the fire, the membrane stiffness of the concrete slab plays a key 
role by carrying both the floor load and the loads induced by P-δ moments. The slab is 
much better able to mobilise the tensile membrane mechanism because of the highly 
deflected shape without large mechanical strains and very often ‘beneficial’ mechanical 
strains (compressive) induced by restrained thermal expansion of the slab. This can be 
linked to the temperature load inducing a pre-stressing force in the slab, which must be 
exhausted before excessive tensile mechanical strains can take place. This delays 
considerably the moment of rupturing of the slab tensile reinforcement, in practice, beyond 
the duration of normal fires in most cases.  
It’s easy to understand that the observed structural behaviour is significantly different 
from that posed by present design techniques which are based upon the behaviour of 
single unrestrained structural elements in the standard fire tests. This test is based upon 
statically determinate elements and the time to failure is based on a displacement criterion 
(often termed ‘runaway’ failure).  
By contrast, increasing deflections are beneficial in real structures in that thermal 
strains give rise to deflections rather than increasing forces and moments in the members, 
and at the points of restraints which may lead to catastrophic events. However, large 
deflections give rise to increased P-δ moments, especially in highly restrained structures, 
which may be potentially detrimental to structural performance. There are two factors 
which make such an outcome unlikely; one, that this is a gradual phenomena which 
increases and peaks over the duration of the fire (coinciding with loss of steel properties); 
second is the competing effect of thermal gradients (leading to tensions if end rotations 
are permitted), which reduces the compressions developed quite significantly. In fact this 
can be seen as a beneficial mechanism, leading to a ‘controlled’ destruction of steel 
strength and therefore avoiding a potentially more destructive event, through inertia forces 
caused by a sudden release of strain energy.  
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3.5 Conclusive remarks 
For the time being in Europe simple calculation models provided by EC4.1-2 represent 
the only practical way for quantifying structural fire resistance of composite steel-concrete 
structural elements. Even if some refined features are included in such models like the 
variation of thermal and mechanical material properties with temperature, their 
inadequateness in representing the effective behaviour in fire conditions is evident. 
Therefore, design performed by using such models result over-conservative and un-
economical. 
In recent years, a great effort has been made in order to fully understand the behaviour 
of structures in fire; in fact only taking advantage from the fully structural reserve which 
the structure possess when considered as a whole, it is possible to develop constructional 
solution allowing for the elimination of conventional protection systems. 
In particular, composite steel concrete solutions represent a natural way of enhancing 
fire resistance without using additional protection materials, therefore the major efforts 
have to be devoted in understanding the behaviour of this kind of constructions. 
From the observation of the structural behaviour both in the Broadgate Phase8 Fire 
and in the large scale Cardington Fire Test, it emerged that in a frame with unprotected 
structural steel exposed to fire, the support conditions offered by the cool surrounding 
structures are extremely beneficial to the heated members. In fact, only taking advantage 
from the interaction between structural members allowing for load redistribution, it is 
possible to eliminate fire protection of steel members, particularly where beams act in 
composite action with concrete slabs. 
It is apparent that the steel beams fail by local buckling near the connections due to the 
axial forces in conjunction with the bending stresses caused by thermal gradients as well 
as connection restraint inducing negative moments. As the beam begins to fail in bending 
the slab bridges the loss in strength initially. The slab then acts as a tensile membrane 
through the reinforcing mesh. This in conjunction with the catenary action of the steel 
gives the composite good fire resistance under thermal and gravity loading. One 
conclusion derived from the observation of the above mentioned phenomena is that 
because of buckling connections should be designed as simply supported for fire design 
and that should act in tension in order to allow for the development of catenary action in 
the beam. 
Of course, the design of connections may represent a major problem for buildings 
which are designed to resist seismic actions by making use of the flexural stiffness of their 
members such as the moment frames. This topic has not been properly investigated yet; 
anyway in the following Chapters the fire performance of a composite moment frame 
designed to resist seismic actions is analyzed and discussed as study case. 
For the time being, a recent major activity consist in developing both analytical tools 
and finite element models for composite structures in fire to be calibrated with the 
Cardington fire tests. 
A large displacement numerical model was developed in a project funded by the 
Department of the Environment, Transport, and Regions (DETR) in UK through the PIT 
scheme, led by the University of Edinburgh in collaboration with the British Steel, Imperial 
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college, SCI and BRE [Rotter et al., 1999]. The overall objective was to develop analytical 
tools to adequately model the structural behaviour of composite steel frames in fire. 
As explained by Sanad [Sanad et al. 1999], the accuracy of the analytical models can 
be measured by comparing the analysis results with those obtained from the tests. 
However, there are some parameters from the numerical tool that can not be measured in 
a fire test. If this information is inseparable from those that are comparable and agree with 
the test results, the overall behaviour is most likely to be reasonably accurate. 
In conclusion, the identified behaviour indicates a number of competing effects in real 
structures which counter conventional understanding of structural behaviour in fire based 
upon traditional design methods. These effects are needed to be taken into account in any 
design method, allowing designers to take advantage of the demonstrated inherent fire 
resistance of traditional composite steel construction. This really represents a paradigm 
shift in the understanding of the behaviour of composite structures in fire. As the 
behaviour of composite structures is radically different from the present design 
philosophy, a new design philosophy is required, based upon a new definition of the fire 
limit state for this class of highly redundant structures. This additional complexity is 
justified in that unprotected steel beams for composite steel structures are attainable 
provided that the robustness of the beneficial mechanisms and the quantification of the 
detrimental mechanisms can be ensured. This robustness can be ensured by a 
combination of good detailing practice to enable beneficial mechanisms to materialise and 
further work to identify worst case scenarios for structural layout and thermal regime. 
Although extensive theoretical studies and more targeted tests are necessary before 
the results of the Cardington large-scale fire tests can be translated into reliable design 
guidance, two important considerations emerge: 
? Even though the supporting steel beams may lose most of their strength, the 
conventional composite floor slab system can have sufficient load carrying capacity to 
sustain and directly distribute the applied load to the columns. As the role of steel 
beams in the load bearing function is minimal, at elevated temperatures it may not be 
necessary to fire protect them. 
? The stability of the columns is vital. They are not only necessary to ensure structural 
stability, but also to restrict the structural damage to the area local to the fire affected 
enclosure. Results from the Cardington tests suggests that columns made from the 
conventional H profiled steel sections would need to be properly protected to remain 
stable. Thus, to have a completely unprotected steel structure, it is necessary to 
replace the H-profiled steel columns with other forms. To this purpose, one feasible 
option could be to use concrete filled steel tubular columns. 
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Chapter 4 
Seismic design and performance evaluation of a 
composite Moment Frame 
4.1 Introduction 
In this Chapter the main criteria adopted for the choice of the structure analyzed as 
study case are explained and discussed in details. Afterwards, seismic design and 
performance evaluation are presented. Finally, some proposals for assessing a suitable 
typology for the beam-to-column connection are analyzed and a preliminary design of the 
adopted solution is carried out (preliminary design calculations were carried out by A. 
Braconi).  
The basic principles in current seismic design philosophy consider that it is not 
economically justified designing structures able to survive the strongest possible ground 
motion without any damage. Therefore, in a rare event of very strong earthquake, damage 
is tolerated as long as the structural collapse is prevented. Of course, the concept of more 
than one level of earthquake intensity with an associated damage must be adopted, since 
events from the last major earthquakes showed that the main goal aiming to prevent 
structural collapse was not sufficient for a proper design methodology. Therefore, the 
structure must not collapse retaining its structural integrity under the so-called "strong" 
earthquake and must be protected against damage and limitation of use under the so-
called "moderate" earthquake. In order to avoid collapse, the structure is allowed to 
develop plastic zones in which seismic energy is dissipated. 
Within this framework, with respect to the choice of the structural typology it was 
important to design a dissipative structure, able to withstand severe earthquakes thanks to 
the hysteretic behaviour of some of its components. Different frame typologies were 
available mainly differing for the type of dissipative elements, namely: frames with 
concentric or eccentric bracings and frames with moment connections including partial or 
full-strength beam-to-column connections. In general, all kinds of braced frames provide 
higher lateral stiffness in presence of moderate earthquakes but in presence of severe 
ground motions, they may suffer from instability of the compressed elements thus 
reducing their capacity of dissipating seismic input energy. For these reasons, a structural 
typology with moment connections was adopted. 
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The main task was to obtain an optimized structural solution with respect to not only 
vertical and seismic loadings but presenting also an inherent good fire resistance. In order 
to assess which was the most suitable structural solution with respect to the design 
objectives three sets of frames presenting the same geometric layout but different element 
typologies were analyzed. They included bare steel frames (Type A), frames with bare 
steel beams and composite partial encased columns (type B) and finally frames with 
composite beams and composite steel circular concrete filled columns (Type C). The 
analyzed typologies are shown in Fig.4-1. 
IPE  HEB IPE  HEB-PE CHSIPE
(a) (b) (c) 
Fig.4-1. Analyzed frame typologies 
The design of the frames was performed following the prescriptions given in the 
Eurocodes and all the difficulties faced in this phase were outlined and discussed. In 
particular, for what concerns seismic actions, the ductile design approach given in EC8 
was followed. 
In order to assess the influence of the ductility class adopted in design in terms of 
member sizing of the structural elements, for each analyzed solution, three frames were 
designed corresponding to different ductility classes and hence to different values of the 
behaviour factor q. 
Afterwards, the inherent fire resistance of each analyzed solution was evaluated and 
discussed. As a preliminary study, the attention was focused on column elements; it is 
known in fact, that protecting columns is one of the main tasks in fire protection 
engineering. Anyway, using protection materials generally leads to un-economical 
solutions, therefore there was the need of structural elements showing a good fire 
resistance even when unprotected. This was assessed by evaluating the ability of 
sustaining the combined effect of axial force and bending moment in the fire situation by 
determining the M-N interaction curves at elevated temperatures. An estimate of 
performance was made by comparing the quickness in reduction of such interaction 
curves. 
After the analysis phase, the “full” composite steel-concrete solution (Type C) was 
adopted as study case and was used in all subsequent analysis. In particular, the seismic 
performance of the HDC frame was evaluated by making use of non-linear static analysis 
and the obtained results are presented in details. The capacity of the frame was assessed 
in terms of target displacement, which was determined using the procedure given in 
Annex B of EC8-1.1. For comparison, the target displacement was determined also 
numerically by making use of some R-µ -T relationships found in the literature. Finally, 
different measures of the over-strength factor were considered and the corresponding 
values were determined. 
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4.2 Seismic design of composite steel-concrete MRF 
Mazzolani [Mazzolani et al., 2000] presented an extensive review concerning the 
design of steel moment resisting frames, of course some basic principles are applicable to 
composite moment frames as well. 
Moment-resisting frames (MRFs) are structures that resist applied forces primarily by 
bending of their members and connections. They are preferred for their architectural 
versatility as they can provide large open spaces without the obstruction usually caused 
by braces or shear walls. In addition, because of their flexibility and relatively long period 
of vibration, usually attract smaller seismic forces than the comparable braced or shear 
wall systems. Their primary source of lateral stiffness and strength are the bending rigidity 
and strength of the frame members. Generally are structures with a satisfactory behaviour 
under severe earthquakes as they can provide a large number of dissipative zones, where 
plastic hinges can form with potentially high dissipation capacity. In order to maximise the 
energy dissipation capacity, moment frames should fail with a mechanism of global type. 
To fulfil this condition proper design criteria were conceived mostly for steel structures 
[Mazzolani et al., 1996].  
Anyway, they may present a weak point in their lateral flexibility. In fact, this structural 
typology is not able to provide sufficient stiffness for reducing sway deflections as far as 
the height of the building increases, also under moderate earthquakes. Then, for high-rise 
buildings the fulfilment of the requirements, which are necessary to guarantee the check 
against the serviceability limit state, may result very severe and consequently they can 
become uneconomical in developing the design stiffness required by the drift control 
[Bruneau et al., 1998]. 
The necessity of obtaining rigid beam-to-column connections may create constructional 
problems, because usually field-welds are less reliable than shop welds, due to the 
presence of welding defects. During the earthquakes of Northridge and Kobe some steel 
MRF buildings exhibited many failures located at beam-to-column connections, where 
dissipative zones were developed; in particular, brittle fractures occurred in welding. 
According to Abolhassan [Abolhassan, 1995] moment resisting frames may be grouped 
into several categories on the basis of: (a) configuration of the moment frame, (b) the type 
of connectors used, (c) the ductility of connection, (d) the relative rotational stiffness of the 
connection and the members and (e) the relative moment capacity of the connections and 
the members. Such classification is shown in Fig.4-2: 
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Fig.4-2. Classification of moment resisting frames [Abolhassan, 1995] 
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The configuration of the space structure considered as a whole is very important [ ]; in 
fact, different configurations may lead to different distributions of the inertia forces and to a 
significant variation in the number of dissipative zones. In order to optimize lateral 
stiffness and energy dissipation capacity, the traditional space moment-resisting frame 
would present all the beam-to-column connections as moment-resisting and full-strength 
type. On the other side, it is common in nowadays practice to design moment resisting 
frames as perimeter, planar or rigid-pinned frames. The main advantages in these 
configurations are the reduction of both the number of moment resisting connections and 
the number of weak axes connections, thus resulting more practical and cost effective; on 
the other hand, they are subjected to a significant increase of the damage index.  
With respect to the type of connection, moment frame can be grouped as welded, 
meaning that the beam’s flanges are welded to the columns directly in field or through 
connection elements such as plates and angles or as bolted, meaning that only bolted 
operations are made in field. 
Besides, considering the amount of ductility of the connections, moment frames can be 
distinguished between special and ordinary. The connections and the members of Special 
Moment-resisting Frames are designed in such a way that fracture and premature 
buckling of the structural members and the connections are prevented. As a result, the 
special MRFs behave in a ductile manner. In this case, the damage should be in the form 
of slippage, yielding of steel, delayed and limited local buckling within the girder 
connections or plastic hinges. Fracture in any part of the structure that can impair the 
gravity-load carrying system and as such should be avoided. This type of behaviour 
categorizes the system as a ductile system, even if the question arising on how much 
ductility supply is necessary, is still opened. In all other cases, moment frames are 
categorized as Ordinary and are not expected to behave in a ductile manner (see Fig.4-3). 
Special Moment Frame
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Fig.4-3. Amount of ductility provided by Ordinary and Special moment frames [Abolhassan, 1995] 
Moment frames can be categorized also as rigid, semi-rigid or flexible in function of the 
ratio of stiffness and strength of the connections with respect to the stiffness and strengths 
of the beams, respectively.  
Finally, depending on the relative bending capacities of columns and girders framing in 
the joint, the frame can be categorized as strong column-weak beam or conversely strong 
beam-weak-column. In the strong column-weak beam frame, the moment capacity of the 
beams in a joint is less than the moment capacity of columns. Therefore, under 
combinations of gravity and lateral loads, plastic hinges are expected to form in the 
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beams. This is primarily due to the importance of the columns in carrying the gravity load 
after an earthquake as well as the P-D effects on the column buckling and the overall 
stability of the structure. 
Most current codes also promote the use of the strong column-weak beam philosophy; 
the design philosophy of strong column-weak beam is a rational and well-accepted 
approach. However, in low-rise buildings and long spans, it may result difficult and costly 
to implement this philosophy. One way it is the use of semi-rigid beam-to-column 
connections. 
According to the assumed design approach, moment resisting frames can provide 
different levels of strength and ductility. For the time being, according to code provisions 
and practice, three design levels can be recognised [Mazzolani, 1999]: 
The first level consists of dimensioning the member sections according to the internal 
forces computed by means of a simple elastic analysis. It is clear that in this way there is 
not any control of the collapse mechanism, therefore, plastic hinges can be located either 
in beams, in columns or in panel zones. 
The second level is based on the same procedure as previously explained, but it is 
integrated by the member hierarchy criterion. This criterion, adopted in most of the 
modern international seismic codes would lead to a member sizing, according to which 
beam represent the weaker element, compared to columns and panel zones. Even though 
this provision aims at the control of the failure mode, many numerical analyses have 
pointed out that it is able to avoid failure modes having very unsatisfactory ductility, such 
as story mechanism, but it is not sufficient to lead to a collapse mechanism of global type. 
Anyway, both Eurocode 8 and ECCS give provisions corresponding to this second 
design level only. According to their recommendations, the elastic design spectrum 
reduction factor for rigid moment resisting frames is equal to 5 /u yα α , being uα  and yα  
respectively the maximum and the first yielding values of the horizontal forces multiplier 
versus top sway displacement of the monotonic behavioural curve. 
Finally, the third design level is represented by the use of more sophisticated design 
procedures based on elasto-plastic analysis under a given distribution of seismic 
horizontal forces. They allow for the direct control of the failure mode and consequently 
the design of frames presenting a collapse mechanism of global type under the design 
distribution of seismic forces. For these reasons, the frames designed according to this 
third level can be defined as global Moment-Resisting Frames [GMF, Mazzolani and 
Piluso, 1995a]. In order to design GMF a new method was proposed [Mazzolani and 
Piluso, 1997] based on the application of the cinematic theorem of the plastic collapse. 
In the effort to develop a design methodology based on ductility, it is clear that the 
evaluation of the inelastic response is required, even if in modern seismic codes the need 
to check the actual seismic inelastic behaviour of the structure is not specified because it 
requires very cumbersome calculations. Anyway, the necessity to assess general on the 
safe-side provisions is unquestionable even if not yet fulfilled in the codes, especially for 
steel and composite structures. 
For moment resisting frames inelastic deformations, correspond to the formation of 
plastic hinges at localized positions. Available ductility is therefore associated with the 
rotation capacity of plastic hinges, which may be localized in one of the node components: 
panel zone, connections or member ends as shown in Fig.4-4.  
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Fig. 4-4. Components in a beam-to-column connection 
In this way, the node ductility results from the comparison of member and joint 
components where the weakest of them decides. The last great seismic events showed 
that the concentration of plastic hinges into joints leads to a brittle fracture of welds or 
bolts. Therefore, a great effort in the last period was devoted to define adequate different 
detailing of joints able to provide a more satisfactory behaviour.  
The proposed general idea was to move the plastic hinge away from the beam-column 
interface, in the field where the welding or bolts do not determine the joint behaviour. This 
solution can be obtained either by weakening the specific beam near to connection by 
trimming the beam flanges (dog-bone solution) or by strengthening the specific beam near 
to the connection by adding vertical ribs or cover plates. 
On the other hand, required ductility is associated with the global behaviour, which is 
function of the members’ plastic hinges as well as of the amount of plastic rotation they 
undergo. For plastic analysis of a moment resisting frame, the available methods are 
either monotonic static nonlinear analysis (push-over type) or dynamic time-history 
analysis. Of course the last ones are more effective, but more time-consuming; the push-
over methods, if load conditions and local behaviour are properly designed, may provide 
sufficient information on the expected behaviour. 
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4.3 The study case: choice of the structural scheme 
When defining the structural solution to be adopted as study case for design and 
analysis, particular attention was paid both to the choice of the structural elements’ 
typology and to the definition of the geometric layout for the structural scheme in order to 
obtain an optimized solution which offered a good compromise between satisfactory 
structural performance with respect to design actions and cost effectiveness. 
In the definition of the frame layout, the choice of the beams’ span length was of 
particular importance. It is well known, that composite beams offer a better performance if 
compared to bare steel beams when used to cover long spans in a simply supported 
scheme thanks to their high capacity of resisting bending moments in sagging regions. 
When used in these conditions they can take advantage of bare steel solutions but 
otherwise they can result uneconomical.  
On the other hand, their bending resistance in hogging regions is almost the same as 
bare steel solutions therefore in moment frames, the enhancement of performance offered 
by composite beams in covering long spans, is effectively impaired by the necessity of 
transferring bending moments from bema to column elements. In present case, the 
optimal choice corresponded with the longest span as possible in order to guarantee full 
moment transfer; in this way a balance was obtained between structural performance and 
cost-effectiveness. Besides, in order to assess the influence of the lack of symmetry on 
the expected behavior, two spans with different lengths were chosen equal to 7,5 m and 
10 m, respectively. 
The need to realize quite long spans for the main composite beams imposed the 
choice of a frame layout including secondary beams which were designed in composite 
action with the slab and with a simply supported scheme; therefore the frame was 
designed as braced in the transversal direction. Of course, the previous considerations 
applied also for the optimization of the secondary beams’ span length which resulted 
equal to 7,5 m, thus determining the distance among the main moment resisting frames.  
Finally, the necessity of not using propping systems for the composite deck with 
profiled steel sheeting during the construction phase imposed the distance of the 
secondary beams at 2,5 m.  
For what concerns the choice of the number of floors and the inter-storey height, 
bearing in mind the considerations made in the previous sections it was decided to adopt 
a medium-rise building including five floors with an inter-storey height of 3,5 m. 
The frame layout adopted for the design of the case study is shown in Figg.4-5 and 4-
6. The designed frame was the internal main moment resisting frame.  
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Fig.4-6. Geometric frame layout a) main moment resisting frame b) transverse braced frame 
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4.3.1 Analysis main features 
For the definition of the optimized structural solution three sets of frames were 
analyzed and compared including: bare steel frames (Type A), frames with bare steel 
beams and partially encased columns and frames with composite beams and circular 
hollow steel concrete filled columns. 
The frames in each set were designed first according to EC3-1.1 and EC4-1.1 
dispositions, afterwards EC8-1.1 was applied.  
Vertical loads coming from secondary beams were applied as pointed forces acting on 
the main beams for each load combination adopted in design. Besides being the imposed 
load (q=3,00 kN/m2) greater than the snow load and considering that imposed and snow 
load on roof must not be considered acting at the same time, the effects of snow load 
were not considered in structural analysis. In the static combination, the effects of wind 
were included and determined. 
Seismic design of the frame was made for high sismicity regions (PGA=0,35 g) and the 
seismic action was represented by the elastic response spectrum Type 1 as shown in 
Fig.4-7. The values of the parameters describing the shape of the elastic spectrum are 
given as a function of ground type; in present analysis, ground Type B was adopted. 
The inertial effects of the seismic design actions were evaluated by taking into account 
the presence of the masses associated with all gravity loads appearing in the combination 
of actions. Besides, to take into account the uncertain direction in which the horizontal 
loads can be applied, four load conditions were considered by applying wind and 
earthquake loads on each side of the plane frame respectively. 
 
Fig.4-7. Elastic response spectrum Type 1 for ground Type B 
In the seismic design of the analyzed structural solutions, the ductile design 
methodology given in EC8-1.1 was followed; in Fig.4-8 a flowchart with a schematic 
representation of such approach is shown: 
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Fig.4-8. Conceptual flowchart of the EC8 ductile design approach (Lu et al.,2001) 
For each set of frames, three ductility classes were adopted each one referring to an 
increased ability of the structure to dissipate energy through plastic mechanisms; 
corresponding values of the behaviour factor were chosen, namely q=2 for low ductility 
class (DCL), q=4 for medium ductility class (DCM) and q=6 for high ductility class (DCH). 
The values to be assigned to the behaviour factor in correspondence of each predefined 
ductility class were taken from EC8-1.1 as a function of the structural typology.  
The values of the behaviour factor q given by the code represent the design values 
valid under some important assumptions such as: structural regularity in plan and 
elevation, ductile global failure mode, absence of local buckling, ductile behaviour of 
connections, negligible P-D effects. Of course, the absence of one or more of these 
requisites affects the evaluation of the q-factor, whose value has to be has to be reduced 
accordingly [Mazzolani et al., 2000]. 
In each case, the assumed design q-factor was to be related also to the local ductility 
of the members, which had to be consistent with the expected demand. In the European 
standards this is accounted for by imposing a limitation on the width to thickness ratio b/t 
in the compressed part of the cross section. This approach seems to be rather 
incomplete, depending only on the geometrical dimensions of single plates forming the 
cross-section and on the material strength.  
Mazzolani and Piluso [Mazzolani et al., 1993a] introduced the concept of member 
behavioural classes in order to substitute the present cross-section behavioural classes. It 
should take into account the plastic rotation capacity of the member which can be 
evaluated as a function of the non-dimensional buckling stresses and the non-dimensional 
axial load [Mazzolani et al., 1996] or by means of the relationship proposed by Gioncu 
[Gioncu, 1997], based on the method of plastic mechanism. 
Anyway in present analysis, members’ cross sections were classified according to 
EC3-1.1; in particular, Class 1 or 2 was obtained for critical cross-sections in HDC frames 
in order to fully develop the required plastic rotation. 
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Afterwards, the same value of the behaviour factor was used for each set of frames in 
order to reduce the ordinates of the reference elastic spectrum thus obtaining the inelastic 
or design spectrum.  
In order to determine the effect of actions in the seismic design situation, the 
requirements for the applicability of the simplified lateral force method of analysis were 
checked. Since the frame complied with the regularity criteria both in plan and in elevation 
defined in terms of stiffness and mass distribution over the height of the building and 
presented a behaviour governed by the first flexural mode shape, the simplified method 
was adopted. 
The equivalent static force in correspondence of each floor was computed according to 
the simplified expression given by EC8-1.1, afterwards, a classical static analysis was 
performed under the action of these equivalent static forces. The only prerequisite for the 
application of this method was the determination of the fundamental period of vibration T 
of the structure needed in order to find the appropriate design spectrum value Sd(T), which 
is necessary to compute the design base shear force V. In this case, the fundamental 
period of the structure T1 was obtained by performing a modal analysis instead of using 
the recommended formula by EC8-1.1 the last one providing excessively conservative 
values of the fundamental periods especially for composite steel-concrete structures. 
Of course, the equivalent static force method is an approximate technique and as such 
may present many shortcomings, taking into account a grossly simplified physical model. 
Anyway, its use in design is accepted at least for very simple structures, as defined above 
and in order to improve this technique, efforts are paid to find suitable methodologies able 
to give an accurate estimate of the behaviour factor q, upon which this method is entirely 
based. 
Within this framework, a fundamental step in seismic design was the choice of a 
suitable plastic mechanism in order to identify the critical cross sections, named as 
dissipative zones where the plastic hinges have the task to dissipate the seismic energy 
input. Of course, the complete exploitation of the plastic reserves of the structural scheme 
had to be guaranteed hence, the formation of partial story mechanism had to be avoided 
while trying to obtain a global mechanism at collapse as shown in Fig.4-9. 
(a) 
 
(b) 
Fig.4-9. Plastic mechanisms for multi-storey frames. a)Global mechanism. b)Soft-storey mechanism 
It has been shown that with the increasing dimensions of columns, a major number of 
plastic hinges forms mainly in the beams, involving more extensively the whole structure. 
This observation pointed out the necessity of dimensioning frame structures in such a way 
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that the beams are the weaker structural elements meaning the elements where inelastic 
deformations develop first.  
Therefore, each frame was designed with reference to a global plastic mechanism 
involving local dissipative zones at the beams’ ends and at the base of ground storey 
columns corresponding to the “strong-column-weak beam” concept, as shown in Fig.4-10. 
 
Fig.4-10. Strong column-weak beam concept 
This idea is realized in the requirements of EC8 by applying the capacity design 
method whose basic principle is that plastic hinges in columns should be avoided. To 
achieve this, the resistance hierarchy criterion was developed as a simple design tool 
aimed at the collapse mechanism control. The general principle is that increasing applied 
loads, the most stressed section of beams have to be the first to deform plastically while 
columns are still elastic. To achieve this, column design moments were derived from 
equilibrium conditions at beam column joints, taking into account the actual resisting 
moments of the beams framing into the joint. Of course, the cross section plastic moment 
had to be reduced in order to take into account the degrading resistance due to the 
presence of axial loads.  
The hierarchy criterion condition is expressed by the following: 1.3Rc RbM M≥∑ ∑  
where RcM  is the sum of columns’ bending moment and RbM  is the sum of beams’ 
bending resistant moment. Applying EC8 design methodology, the validity of this 
inequality is normally checked a posteriori and rarely becomes a conditioning parameter in 
members’ sizing. 
Once the suitable plastic mechanism was chosen, the following step consisted in sizing 
and detailing both plastic and elastic regions. For what concerns plastic regions, the 
critical section’s capacity of dissipating energy was assessed by paying particular 
attention to local buckling phenomena, especially in the compressed steel beam flanges. 
After that, sizing and detailing of the non-dissipative parts followed; of course these 
were designed in order to remain in the elastic rang, exhibiting a nominal strength higher 
than ones in plastic hinges. To this purpose, considering that plastic hinges can occur only 
in beams, it was very important to provide the joints with sufficient strength, so that no 
plastic hinges can accidentally form there.  
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4.3.2 The ‘optimized’ structural solution 
Within the framework of the seismic design methodology provided by EC8 and 
exposed in the previous section, the design of the three sets of frames was performed in 
order to choose the most suitable structural solution with respect to the design actions. All 
the frames presented the same geometric layout shown in Figg.4-5 and 4-6 and were 
characterized by the same composite deck including a concrete slab casted on a 
collaborating steel sheeting. 
The composite slab was checked both for the ultimate and the serviceability limit 
states. For the determination of the effects of actions two different design situations were 
considered: a) Profiled steel sheeting acting as shuttering, b) Composite slab action. A 
simply supported beam static scheme and an un-propped construction type were adopted 
in both construction phases; this of course, imposed some limitations on the span length 
in order to control the central deflections. Besides, detailing provisions given in EC4-9.2 
concerning slab thickness and reinforcement were considered in design. 
The chosen profile for the steel sheeting was EGB210 produced by Brollo (fyk = 250 
N/mm2). The total height of composite slab is 120 mm and it is made out of a 65 mm thick 
concrete slab casted over a 55 mm height steel sheeting whose thickness is 1,2 mm.  
Type A set of frames was designed first; following the dispositions given in EC3-1.2 
main beams and columns were checked both at ULS and SLS and the chosen profiles 
resulted IPE450 and HEB340, respectively. After that, EC8-1.1 was applied. The 
assumption made that second order effects are not taken into account imposed severe 
limitations on the selection of columns’ cross sections. 
It is well known, that the lateral resistance of a moment resisting frame depends mainly 
on the stiffness of the columns hence, in order to control the inter-storey drift and 
therefore the stability index θ  the size of the columns was increased until the limitations 
were fulfilled thus passing from HEB340 to HEB450. Besides, having bare steel frames 
quite long natural periods, in general they are designed for quite low base shear forces; 
this principle proved to be true regardless of the chosen behaviour factor, hence it was 
concluded that seismic forces do not govern the design. The consequence is that beams 
were designed to sustain vertical loads so that any change in the behaviour factor q would 
affect their size.  
For what concern columns’ sections, lower values of the q factor imply higher values of 
the design base shear and hence of the design seismic forces so leading to higher lateral 
displacements in the seismic combination at SLS. Anyway, in the inter-storey drift check 
those displacements are multiplied for lower values of the q factor so that the result is 
unchanged and the limitations are still fulfilled. Moreover, lowering the q factor values has 
beneficial effects on the stability index θ , which tends to decrease because of the 
unchanged vertical loads but the increased base shear forces.  
Therefore, in this case designing the frames for different ductility classes does not 
affect member sizing at all.  
These main findings guided the design also of Type B and Type C sets of frames; the 
main task was to check if changing the structural solution in some way could lead to an 
effectively optimized seismic design. 
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In Type B set of frames, the typology of columns was changed from bare steel to 
composite steel-concrete partially-encased type. Of course, as both the vertical loads and 
the geometry were unchanged, the adopted steel beam profile was an IPE450 again.  
The idea was to check if taking advantage of the improved characteristic of the 
composite section could help in reducing the member’s size. In doing so, it was necessary 
to consider several parameters and in particular: flexural stiffness, self-weight and plastic 
resistance bending moment, the first two influencing the period and the lateral resistance 
of the frame while the third the capacity design check. 
In general, with passing from a bare steel section to its “geometric equivalent” partially 
encased type one would expect much higher stiffness, self-weight and bending moment 
resistance. Of course, the increasing in both stiffness and self-weight would have a 
competing effect on the resulting fundamental period of the frame.  
In reality, if comparing (see Table 4-A) some steel profiles of the HEB series with their 
“geometric-equivalent” partially encased type one sees that the flexural stiffness, with or 
without re-bars, computed according to both EC4-1.2 and EC8-1.1 dispositions it is almost 
the same as the bare steel profile. The same situation applies to the plastic bending 
moment capacity; the only significant change is the increase of self-weight, which in the 
composite solution becomes almost three times and this causes an increase of the 
fundamental period.  
 G [KN] J [m4] Mpl [KNm]  G [KN] J [m4] Jreb [m4] Mpl [KNm]
HEB320 4,5 0,000308 763 HEB320PE 11,5 0,000312 0,000317 792 
HEB340 4,7 0,000367 855 HEB340PE 12,2 0,000372 0,000378 888 
HEB360 5,0 0,000432 953 HEB360PE 12,9 0,000439 0,000446 991 
HEB400 5,4 0,000577 1147 HEB400PE 14,3 0,000589 0,000598 1197 
HEB450 6,0 0,000799 1414 HEB450PE 15,9 0,000820 0,000832 1477 
Table 4-A. Properties of some HEB sections and their “geometric-equivalent” partially encased type 
For this reason, in order to fulfil the severe limitations imposed by the inter-story drift 
and sensitivity coefficient checks which are mainly governed by the column stiffness, the 
only possible choice was to use the “geometric equivalent” partially-encased type of the 
HEB 450 profile, hence no reduction in the column size was possible. 
Of course, these limitations were checked first for the HDC frame with q=6, being less 
restrictive for the other ductility classes. The conclusion was that also for this set of frames 
seismic forces do not govern the design and changing the ductility class has no effects on 
member sizing. 
For Type C set of frames, the first idea was to change the columns from partially 
encased to circular concrete filled while leaving the beams unchanged; in this way, it 
would have been possible to compare the performance of these two kinds of composite 
columns under seismic actions. 
Once again, for the dimensioning of the columns the main parameters under evaluation 
were flexural stiffness, self-weight and plastic bending moment resistance. Bearing in 
mind the considerations coming from design of the other sets of frames it was clear that 
there was the need for a column section with a flexural stiffness comparable to the 
HEB450 steel profile or its “geometric equivalent” partially-encased type.  
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Looking at the properties of some concrete-filled sections (see Table 4-B), one sees 
that they possess much lower flexural stiffness and plastic bending moment resistance but 
higher self-weight if compared to partially encased types presenting more or less the 
same average dimensions. This means that from the point of view of the ability to resist 
lateral forces without failing the inter-storey drift and the sensitivity coefficient limitations, 
partially encased columns offer a better performance. 
 D [mm] t [mm] G [KN] J [m4] Mpl [KNm] 
CHS406.4/10 406,4 10 13,7 0,000311 684 
CHS406.4/12 406,4 12 14,1 0,000348 782 
CHS457/10 457,0 10 17,0 0,000460 879 
CHS457/12 457,0 12 17,5 0,000514 1004 
CHS508/6 508,0 6 19,5 0,000502 782 
CHS508/8 508,0 8 20,1 0,000580 943 
Table 4-B. Properties of CHS concrete-filled column sections. 
Using a column with the biggest circular steel profile available in the commercial series 
was not the most suitable choice; in fact its flexural stiffness was not high enough to 
satisfy the limitations imposed by both the inter-storey drift and the sensitivity coefficient 
and yet it didn’t offer the higher plastic bending moment resistance which is important in 
the capacity design check. Besides, due to the high amount of self-weight, the 
fundamental period of the structure would increase so that the frame would exhibit an 
even more flexible behaviour. Finally, a CHS457/12 profile was chosen, showing a good 
compromise among self-weight, flexural stiffness and plastic bending moment resistance 
thanks to a lower value of the width-to-thickness ratio. Besides, having not too large 
diameters for columns’ sections added the benefit of increasing the usable floor space. 
In addition, to try and verify the limitations on deflections it was decided to change the 
beams from bare steel to composite type. This was made in order to check if the 
increased global stiffness of the frame could help in reducing both the period and the 
lateral displacements, thus satisfying the inter-story drift and sensitivity coefficient 
limitations while leaving both the column typology and its dimensions unchanged. 
In design of composite beams, full shear connection was assumed and it was realized 
by means of Nelson studs. The design phase involved two stages: the construction stage 
and the composite stage. In the construction stage, the beams, considered as simply 
supported, were sized first to support self-weight of the wet concrete and other 
construction loads while in the composite stage when the concrete has developed its 
strength, they were considered as continuous. Effective width of the concrete slab for 
verification of cross-section was determined both for static and dynamic loadings 
according to the dispositions given in EC4 and EC8 and were used for the determination 
of bending moment resistance; the obtained values are summarized in Table 4-C.  
  Span L1=7.5 m Span L2=10 m 
  External 
support 
[mm] 
Mid-
span 
[mm] 
Internal 
support 
[mm] 
Internal 
support 
[mm] 
Mid-
span 
[mm] 
External 
support 
[mm] 
EC4 Verification 1094 1313 1094 1094 1750 1094 
Sagging Verification 1125  1125 1500  1500 EC8 Hogging Verification 1500  1500 2000  2000 
Table 4-C. Effective widths of concrete slab according to EC4 and EC8 
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The secondary beams are composite as well and were realized with an IPE300 steel 
profile. The dimension of the secondary beams’ steel profile was imposed by 
constructional reasons in order to fulfil some limitations given by the code on the bearing 
length of the steel sheeting. In fact, for composite slabs bearing on steel that bearing 
length has to be not less than 50 mm, hence the minimum required steel beam flange 
width is of 150 mm, corresponding to an IPE300.  
To fulfil the limitations given in EC8 Annex C (Normative) concerning the slab 
mechanisms developing at the composite beam-to-column joint, it was necessary to 
increase the total height of the deck thus passing from 120 mm to 150 mm made out of 95 
mm thick concrete slab casted on the same 55 mm height HEB210 steel sheeting. Of 
course, increasing the height of the slab produced a small increment of the vertical loads 
and consequently of the fundamental period of the frame. 
The main composite beam’s steel profile resulted an IPE400 bearing in composite 
action with the new deck. For the verification of cross-sections, plastic theory was 
adopted. For the bending moment resistance in hogging regions particular attention was 
paid to number of steel re-bars to be placed in the composite slab. In fact, vertical loads 
govern the design of the beam and hence the static combination determines the number 
of re-bars necessary to fulfil the bending resistance check. On the other hand, the local 
ductility control in seismic design imposes a limitation on the amount of reinforcement in 
the concrete slab; in fact, the higher is the amount of reinforcement, the lower is the class 
of cross sections. Therefore, the number of steel re-bars was determined in order to 
comply with these two opposites requirements resulting in 4φ12, two bars placed each 
side of the composite column. 
Using a composite beam instead of a bare steel one did not offer great advantages in 
terms of reduction of steel beam’s size but this was expected as it was observed in the 
preliminary considerations leading to the choice of the structural scheme. In fact, the 
presence of the concrete slab is not influent in hogging regions where the enhancement of 
bending resistance of the composite beam with respect to the bare steel one, entirely 
relies on the amount of reinforcement (re-bars plus wire fabric) in the concrete slab.  
Anyway, if using a composite beam did not offer considerable advantages in terms of 
reducing the member’s size, it offered instead a considerable enhancement in the global 
flexural stiffness of the frame. 
Therefore in this case, using composite beams combined with circular steel concrete-
filled hollow sections columns allowed to obtain a new set of frames (Type C) with more or 
less the same fundamental period of the frames in the other two sets and with more or 
less the same values of the inter-storey drift for all the ductility classes considered in the 
design phase. 
Once again, the limitations for the inter-storey drift and sensitivity coefficient were 
checked for the HDC frame first, resulting automatically verified for the other two ductility 
classes. As in previous cases, changing the ductility class didn’t affect member sizing and 
seismic actions didn’t govern the design, therefore it was not possible to obtain any 
optimized solution even when adopting a “full” composite structural solution, at least with 
respect to seismic design actions.  
Therefore, if considering only earthquake resistant design, the use of structural 
solutions including composite steel-concrete structural members would not be really 
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justified because it does not provide any considerable advantage with respect to bare 
steel solutions; besides, design procedure of composite structures results really much 
complex and time-consuming. 
Anyway, fire resistance was the other important issue to analyze so that the chosen 
structural solution had to be optimized in terms of both structural performance and cost-
effectiveness with respect to this design action as well.  
Protecting column members is one of the most important issues in fire protection 
engineering of building structures causing huge additional construction costs. These are 
due both to the use of insulation materials and to the significant delay into the construction 
process caused by additional on site operations needed to apply the traditional insulation 
materials. This is the reason why nowadays there is a lot of research going on exploring 
the possibilities of using unprotected solutions, as previously discussed in Chapter 3. 
Within this framework, it’s clear that the use of composite steel-concrete structural 
elements and in particular column members can provide suitable cost-effective solutions 
thanks to a high reduction in fire-protection costs. As a matter of fact, studies at the NRCC 
on concrete-filled steel columns [Lie et al., 1993] have shown that unprotected steel 
columns filled with bar-reinforced concrete can develop a fire resistance between two and 
three hours even under eccentric loadings.  
Therefore, it can be said that the use of structural systems combining the use of 
composite floors with concrete-filled columns could be an available practical solution to 
enable the elimination of fire protection of the steel parts. 
In this case, in order to check the ability of the different columns’ structural typologies 
to sustain loadings during fire an estimate of the reduction of their load bearing capacity 
was made by means of the M-N interaction curves at elevated temperatures. The 
procedure used for their determination is explained in details in Chapter 5. 
All the columns were considered unprotected and were uniformly heated by the 
ISO834 Standard Fire curve. In order to determine the effective temperature distribution a 
thermal analysis was performed with the aid of SAFIR [Franssen et al, 2004]. The 
evolution of temperature over the columns’ cross sections was determined and its 
distribution after 30 minutes of fire exposure is shown from Figg.4-11 to 4-13 for each 
analyzed solution together with the evolution of the M-N interaction curves. 
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Fig 4-11. HEB450 steel profile – a) Temperature distribution after 30 min. b) Evolution of M-N curves 
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The HEB bare steel profile heats up very quickly, especially in the web part which is 
thinner than the flanges; instead in the “geometric equivalent” partially encased type the 
web is protected by concrete which heats up quite slowly with respect to steel tanks to a 
lower value of the thermal conductivity coefficient. Anyway, also the temperature in the 
steel flanges, which are directly exposed to fire, is lower if compared to bare steel and this 
happens thanks to the “heat sink” effect produced by the presence of concrete whose 
mass takes heat away from steel parts, thus realizing a sort of cooling effect for the steel 
flanges. 
1 1 1 1 1 1 1 1 1 1 11 1 1 1 1 1 1 1 1 1 1
1
1
1 1
1 1
1
1 1 1 1 1 1 1 1 1 1 1 11 1 1 1 1 1 1 1 1 1 1 1
1
1 1
1 1
1 1
1 1
1 1
1
1
1
1
1 1
1 1
1 1
1 1
1 1
1 1
1 1
1 1
1 1
1 1
1 1
1 1
 
 Diamond 2004 for 
FILE: HEB450PI
NODES: 575
ELEMENTS: 532
SOLIDS PLOT
TEMPERATURE PLOT
TIME: 1800 sec
728,90
641,86
554,83
467,79
380,75
293,71
206,68
119,64
32,60
HEB450 PE
-12000
-10000
-8000
-6000
-4000
-2000
0
2000
4000
6000
8000
10000
-2000 -1500 -1000 -500 0 500 1000 1500 2000 2500 3000
M [kNm]
N
 [k
N
]
Fig 4-12. HEB450 partially encased – a) Temperature after 30 min. b) Evolution of M-N interaction curves 
Finally, for what concerns concrete-filled columns analysis confirm that the decrease of 
mechanical properties of concrete is even slower than the case of encased steel sections 
and this happens because the steel section protects the concrete core from direct fire 
exposure and prevents spalling.  
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Fig.4-13. CHS457/12 – a) Temperature after 30 min. b) Evolution of M-N interaction curves 
We can observe that in each case, the increasing temperature has the effect of 
reducing the domain’s size while leaving its shape unchanged. Of course, the reduction in 
dimensions refers to a decreased capacity of sustaining the axial force-bending moment 
interaction deriving by both applied loads and thermal actions. By comparing the amount 
of such reduction in the three cases (see Fig.4-14), it’s possible to observe that after 30 
min. of fire exposure the circular concrete filled column shows the minor reduction in load 
bearing capacity, thus confirming the inherent good fire resistance of this composite type, 
even when unprotected. 
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Fig.4-14. Comparison of M-N interaction curves after 30 min. of fire exposure 
Of course, fire resistance of a frame building depends not only on the typology of its 
structural members but on the redundancy of its structural system as well, allowing for 
several load paths to be activated during fire exposure. Anyway, it’s clear that the use of 
composite steel-concrete solutions especially for column members can provide suitable 
cost-effective solutions thanks to a high reduction in fire-protection costs. As a matter of 
fact, studies at the NRCC on concrete-filled steel columns [Lie et al., 1993] have shown 
that unprotected steel columns filled with bar-reinforced concrete can develop a fire 
resistance between two and three hours even under eccentric loadings. Therefore it can 
be said that the use of structural systems combining the use of composite floors with 
concrete-filled columns could be an available practical solution to enable the elimination of 
fire protection of the steel parts. Besides, concrete-filled steel tube columns offer many 
advantages if compared to conventional bare steel or pure concrete columns; in fact, the 
steel tube provides formwork for the concrete core and prevents concrete spalling, while 
on the other hand the concrete core helps to stabilize the steel tube wall against local 
buckling.  
Unfortunately, the use of CFT columns has been limited in times due both to a lack of 
construction experience and to the complexity of connections to such columns; another of 
the research objectives in fact, was to provide a suitable design solution for the beam-to-
column connection as well exhibiting a good performance in presence of both seismic and 
fire loadings as well. In the last part of the Chapter a preliminary design of the connection 
is presented by making use of the capacity design method. 
Concluding, in the frame of an integrated design considering both seismic and fire 
loadings, it was assessed that the use of solutions including composite steel-concrete 
structural members can offer better global performance by optimizing cost-effectiveness 
and structural performance. In particular, it was shown that the “full” composite solution 
(Type C) can offer the right balance among the high number of demanding requisites and 
for this reason it was chosen as study case for design and analysis. The seismic 
performance of the HDC frame was evaluated by means of elastic non-linear analysis; the 
obtained results are presented in details in the next sections. 
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In the following, the results obtained after the design phase are briefly summarized and 
all the structural elements are presented as shown from Figg.4-15 to 4-19. 
The five storey composite steel-concrete office-building is made up by three moment 
resisting frames placed at the distance of 7.5 m, and with two bays spanning 7,5 m and 10 
m respectively and. The inter-storey height is of 3,5 m. The structure is considered braced 
in the transverse direction with secondary beams hinged to the main beams and placed at 
a distance of 2,5 m. Columns’ base is considered fully fixed in the plane of the moment 
resisting frames and hinged in the orthogonal direction. 
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Fig.4-15. Composite Moment Frame – plan view 
0.0
+3.5
+7.0
+10.5
+17.5
+14.0
C
H
S 
45
7/
12
IPE 400
1
1
2
2
3
3
4
4
5
5
6
6
1'-3'
1'-3'
2'-4'
2'-4'
5'-7'
5'-7'
6'-8'
6'-8'
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
IPE 400
IPE 400
IPE 400
IPE 400
IPE 400
IPE 400
IPE 400
IPE 400
IPE 400
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
C
H
S 
45
7/
12
3.
5
3.
5
3.
5
3.
5
3.
5
17
.5
7.5 10
17.5
C
H
S 
45
7/
12
 
Fig.4-16. Composite Moment Frame – elevation 
4. Seismic design and performance evaluation of a composite Moment Frame 
- 98 - 
The total height of composite slab is 150 mm and it is made out of a 95 mm thick 
concrete slab casted over a 55 mm height steel sheeting whose thickness is 1,2 mm (see 
Fig.4-17); the chosen profile for the steel sheeting is EGB210. The wire fabric is made of 
f6 200x200 mm.  
95
55
600
15
0
150
8961
wire fabric Ø 6 p. 200
EGB210 steel sheet
Fig.4-17. Composite slab with profiled steel sheeting 
The main composite beam is realized with an IPE400 steel profile in composite action 
with the solid slab (see Fig.4-18). Different values of the effective width of the concrete 
slab are considered as it was shown in Table 4-C. Structural steel grade is S355, concrete 
Class is C30/37 and the steel grade of reinforcing steel is S450. 
Fig.4-18. Main composite beam – detail at the connection with the column 
The composite concrete-filled columns have an external diameter of 457 mm and a 
thickness of the steel tube of 12 mm (see Fig.4-19). The presence of re-bars in the steel 
tube was not required by design, anyway in order to obtain a structural solution that was 
suitable also for fire actions, 8f16 were adopted. Adding the re-bars inside the column had 
two main consequences: on one side it required major attention during the casting case in 
order to prevent the formation of voids inside the concrete. Besides, because of the 
vertical trough column plate placed at the level of the connection, it required a special 
device for the positioning of stirrups, which were split in two halves thus increasing a little 
bit the time for construction.  
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457
12
Fig.4-19. Composite column – detail of the steel reinforcement 
The beam-to-column connection was designed in order to be rigid and full strength and 
belongs to the so-called through-column type because of the presence of a shear vertical 
plate passing trough the steel tube. 
4.3.3 Performance evaluation: non-linear static analysis 
An eigenvalue analysis was performed first so that the resulting periods of vibration 
provided a first insight into the response of the frame. 
Results from the analysis confirmed the fact that composite steel and concrete 
structures are quite flexible, exhibiting fundamental periods much higher than the corner 
period at the plateau Tc=0,5 sec in the elastic response spectra [Thermou et al.,2004]. 
In order to assess the seismic performance of the frame, non-linear static analyses 
were performed by imposing an assumed distribution of lateral loads over the height of the 
structure which were monotonically increased while the gravity loads remained constant 
during the analysis.  
The lateral load pattern selection was likely to be one of the most critical choices 
[Krawinkler et al., 1998]; in fact, the load patterns are intended to represent the distribution 
of the inertia forces in the design earthquake and it is clear that this distribution will vary 
with the severity of the earthquake and with its extension in time. Therefore, if invariant 
load patterns are chosen the basic assumptions are that the inertia forces stay constant 
throughout the earthquake and that the maximum obtained deformations are comparable 
to those expected in the design earthquake. These assumptions are reasonable when the 
structure response is not severely affected by higher modes and this happened to be the 
case.  
Since no single load pattern can capture the variations in the local demands expected 
in a design earthquake the use of at least two load patterns which are expected to bound 
the inertia forces distribution is generally recommended. Following the dispositions given 
in EC8 two lateral load patterns were used in present analysis, one proportional to the 
vector of displacements of the first mode shape and the other proportional to the storey 
masses, corresponding to a triangular (TLS) and to a uniform (ULS) load shape, 
respectively as shown in Fig.4-20. 
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Fig.4-20. Horizontal load shapes adopted in push-over analysis – a) Uniform load shape (ULS), 
b) Triangular load shape (TLS) 
For both distributions, the horizontal forces were applied in the two opposite verses 
because of the different spans’ lengths causing possible non-symmetric behaviour with 
respect to the horizontal actions. 
Another important and critical point of pushover analysis was the determination of the 
target displacement. In general, it is assumed that the target displacement for the MDOF 
structure can be estimated as the displacement demand for the corresponding SDOF 
system. Of course, this assumption is always an approximation and can be accepted 
again within some limitations, one for all the assumption that the maximum MDOF 
displacement is controlled by a single shape vector without regards to higher mode 
effects. Parametric studies have shown that for frame structures with a first mode period 
less than 2 sec this assumption is rather accurate for elastic systems and conservative for 
inelastic systems. Therefore, it is reasonable to think that for the frame under 
consideration the use of pushover analysis can provide information with sufficient 
accuracy. 
A part from the restrictions in its application, the pushover analysis can provide enough 
information about the global ductility of the structure in fact at each load step it is possible 
to check the member behaviour and see if the performance objectives are fulfilled; 
besides, the weak areas and the formation of the plastic hinges were revealed during the 
analysis.  
The first step when performing pushover analysis was to determine all the possible 
critical cross sections in which plastic hinges were allowed to form. In general, in framed 
structures under lateral loads, the members are found to form plastic hinges near the 
ends. Plasticity then gradually spreads along the member however, at least for many 
rolled steel cross sectional shapes such spread is not very significant so that it can be 
neglected. As a consequence a concentrated plasticity model was adopted in which it was 
assumed that all plasticity is concentrated at or very near the end cross sections. Besides, 
because of the presence of pointed loads bearing on the main beams, additional plastic 
hinges were allowed to form at those locations, so that the corresponding non linear 
behaviour for the beams was included. The adopted position of plastic hinges for beam 
and column elements is shown in Fig.4-21: 
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Fig.4-21. Critical cross-sections for beam and column elements 
The main difference between beam and column elements is that for the first, plastic 
hinges are mostly caused by uniaxial bending moments, while for the second plastic 
hinges are mostly caused by the combined effect of axial load and bending moment. 
Therefore, different types of plastic hinges were adopted for beam and column elements 
separately.  
The determination of moment curvature relationships and of the axial force bending 
moment interaction curves for the different cross sections was made numerically by 
developing two purpose written programmes in the FORTRAN77 language. The description 
of the adopted procedures and of the data needed to perform static non-linear analysis is 
presented in the next sections. 
4.3.3.1 Moment curvature and axial force-moment interaction analysis  
Moment curvature analysis is a method to determine accurately the load-deformation 
behaviour of a cross section using nonlinear material stress-strain relationships. Besides, 
coping with the necessity to take into account a possible reduction in bending moment 
capacity of the columns due to the presence of axial forces, an estimation of the axial 
force moment interaction was needed.  
The purpose of these analyses was to obtain an approximation for the expected 
behaviour, not to perform an exhaustive complex analysis. As such, in the case of circular 
steel concrete-filled sections, possible slippage between the steel tube and the concrete 
core was neglected. 
Two numerical programmes were developed based on a fibre model, one to perform 
moment curvature analysis for an assigned value of the axial force and the other to 
determine the axial force-moment interaction curves. The second in particular, was 
developed to take into account also the variation of material properties with temperature; 
the adopted procedure is explained in Chapter 5 in details. 
Both programmes are extremely versatile giving the possibility to import user-defined 
fibre mesh generations, thus allowing for the analysis of each kind of cross-section with 
different material elements. Fibre models adopted in present analyses for each cross-
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section were the same used to perform thermal analysis in the way explained in the next 
Chapter. 
Determination of moment-curvature diagrams  
In order to determine the moment curvature diagrams for the composite cross-sections, 
the constitutive lows of different materials were needed, therefore several stress strain 
relationships all derived from current codes were implemented in particular for the 
concrete material. In Fig.4-22 different stress-strain relationship for concrete are shown for 
comparison: 
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Fig.4-22. Different stress-strain relationships for concrete 
The stress-strain relationship for concrete with silicious aggregates at ambient 
temperature (T=20°C) derived from EC2-1.2, was included. It is worth to notice, that 
neither the values of stress nor the values of strain coincide with the values reported in the 
code for design of concrete structures in cold conditions (EC2-1.1). This represents only 
one of the several points that make it difficult to develop a “full” performance based design 
by applying the dispositions given in different parts of the European Standards. 
In order to consider the confining effect given by the presence of the steel tube in the 
composite column, two different stress-strain relationships for concrete in the beam and in 
the column were adopted. In particular, the CEB-FIP model with softening branch was 
adopted for concrete in the composite beam and the confined concrete model given in 
EC2-1.1 was adopted for concrete in the composite column. In both cases, the presence 
of concrete in tension was neglected. 
The CEB-FIP stress-strain relationship with softening branch for concrete under uni-
axial compression is given by Eq.[4.1] and [4.2] and is represented in Fig.4-23 for 
concrete Class C30/37: 
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Fig.4-23. Stress-strain relationship for concrete C30/37 – CEB/FIP model 
where: ckf  is the characteristic strength of concrete, 
4 1 310 [ ]c cmE f=  is the modulus of 
elasticity at concrete age of 28 days, 8cm ckf f= +  is the peak compressive stress, 
1 /0,0022cmcE f=  is the secant modulus from the origin to peak compressive stress, 
1 0,0022cε =  is the strain at peak stress while the value of cuε  has no other significance 
than limiting the applicability of Eq.[4.1] and is given by Eq.[4.3]. 
The confined model for concrete given in EC2-1.1 is expressed by Eq.[4.5] and is 
represented in Fig.4-24 for concrete class C30/37. 
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Fig.4-24. Stress-strain relationship for confined concrete – EC2-1.1 
where 2σ  is the value of the lateral confining pressure. 
In absence of experimental evidence, the value of the lateral confining pressure 2σ  
was determined according to an empirical formula found in the literature [Hsuan-Teh et 
al., 2003] and given by: 2 / 0.043646 0.000832( / ) (21.7 / 47)yf D t D tσ = − ≤ ≤ , where 2σ  is 
the lateral confining pressure, yf  is the tensile strength of the steel tube, D the external 
diameter of the tube and t its thickness.  
The stress-strain relationship for structural steel given in EC3-1.1 was adopted and 
represented in Fig.4-25 for steel grade S355: 
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Fig.4-25. Stress-strain relationship for steel S355 
Description of the numerical procedure  
The following provides a brief description of the procedure and the main assumptions 
adopted in the programme used to determine moment-curvature relationships of different 
cross-sections: 
? Import of the data (point and elements) needed for the mesh generation; to each 
element is associated a material number so that the amount of a particular material on 
each layer is determined from the section. 
? Select a curvature for which the moment will be calculated, φ. 
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? Assume a value for the strain at the top of the slab, εmax. 
? Calculate the depth to the neutral axis, yn = εmax/φ. 
? Calculate the strain at each layer of the cross section assuming a linear strain 
distribution. 
? Calculate the stress at each layer based on the appropriate constitutive relationship 
for each material. 
? Integrate the stresses over the cross section to obtain the net force on the section. 
? If equilibrium is not satisfied, assume a new strain at the top of the slab. 
? Iterate step 4 through 9 until the net force on the section is zero. 
? Calculate the moment from the stresses; this results in one point on the moment 
curvature curve. 
? Select the next curvature value and repeat steps 3–10. 
4.3.3.2 Moment-curvature relationships and interaction domains for 
composite cross-sections 
The procedure explained in the previous section for the determination of moment-
curvature relationships, was then applied to the composite cross-sections of beam and 
column elements of the analyzed frame. The obtained curves were used to model the 
non-linear behaviour of the elements in correspondence of the pre-defined critical cross-
sections. For what concerns the composite beams, the values given in EC8 for the 
verification of cross-sections were adopted as the current values for the effective width of 
the concrete slab. 
In each case, moment rotation relationships were derived from moment curvature 
simply multiplying by the plastic hinge length. This value was assumed equal to the 
composite beam’s height and to the column’s external diameter for the beam and the 
column element, respectively. Of course, this assumption is more appropriate for bare 
steel elements, but in absence of experimental evidence it was assumed to be on the safe 
side. Different curves were obtained in function of the different stress-strain relationships 
of concrete; in addition the different behaviour determined by including or neglecting the 
presence of the steel sheeting in the composite beam was outlined. Regardless from the 
adopted constitutive law, neglecting the presence of the steel sheeting causes a quick 
drop in bending moment resistance up to the value of the steel beam profile. In the other 
cases, the resistance decreases quite slowly up to a higher constant value including the 
contribution offered by the steel sheeting. Considering or neglecting the presence of the 
steel sheeting is always a difficult matter and there is no any pre-defined answer. In this 
case, considering the position of the steel sheeting with the ribs parallel to the main beam 
and that the steel sheet is in full touch with the beam’s upper flange it was assumed that 
no debonding effect is present. Therefore, in present analysis the contribution of the steel 
sheeting was included. The obtained moment-curvature relationships for the composite 
beams are shown in Figg.4-26 and 4-27. 
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Fig.4-26. Moment-curvature relationships for the composite beam (span L1) 
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Fig.4-27. Moment-curvature relationships for the composite beam (span L2) 
For what concerns the composite column, different moment-curvature relationships 
were obtained corresponding to fixed values of the applied axial force as shown in Fig.4-
28. 
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Fig.4-28. Moment-curvature for the column for constant values of the axial force 
Finally, the bending moment-axial force interaction curve was determined for the 
composite column both considering and neglecting the confinement effect due to the steel 
tube so that the enhancement in the load bearing capacity for compression loads was 
evident as shown in Fig.4-29. 
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Fig.4-29. M-N interaction curve adopted for the composite column 
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4.3.4 Analysis results 
According to the principles of performance-based design methodology, the main 
objective of seismic design was to provide the structure with sufficient ductility, in the 
same way as for strength and stiffness, so that a comprehensive methodology for direct 
ductility control was needed. The purpose was to obtain an available ductility higher than 
the required one, the first depending from the local plastic deformation while the second 
being determined from the global behaviour of the structure. 
The concept of global ductility was largely used in the past to extend the knowledge 
acquired for the inelastic behaviour of SDOF systems to MDOF systems. In general, the 
inelastic performance of a structure evaluated under monotonic horizontal loads, is 
affected by several behavioural parameters such as: plastic redistribution, slope of the 
softening branch, member rotation capacity and type of collapse mechanism. The critical 
point of this extension is due to the number of parameters characterising the pattern of 
yielding of MDOF structures. In fact, inelastic behaviour of a SDOF system can be 
characterized by means of a single parameter, such as the global ductility, while in case of 
a MDOF system different patterns of yielding could correspond to the same inelastic 
displacement; for this reason, the control of local ductility is also needed. 
The estimation of local ductility is based on the ultimate rotation capacity of plastic 
hinges. Of course, plastic hinges must be more ductile as far as the assumed design q-
factor value is higher and moment rotation curve plays a leader role in this, but 
unfortunately, for the time being there are no standard definitions accepted with respect to 
the ultimate rotation. As stated in the literature, different approaches are possible.  
In this view, an important issue to be considered is the presence of local buckling 
phenomena, which may prevent to take advantage from ductility of material or structural 
elements. In fact, in many cases is not possible to force steel to undergo only yielding 
because of the slenderness of the steel components.  
In presence of buckling, the capacity and the stiffness of the steel component are 
reduced thus causing a serious reduction in the strength and stiffness of the system and 
in its ability of carrying gravity load after an earthquake. In addition, the deformed shape of 
a globally or locally buckled member can be of concern to the user and in most situations, 
the member will need to be repaired or replaced. Besides, in the past earthquakes, 
buckling of structural members resulted in costly damage to non-structural elements, such 
as breaking the water pipes and other lifelines causing a serious collateral damage to the 
building contents.  
For the above mentioned reasons, in order to avoid the formation of local buckling 
phenomena in the beams, the ultimate rotation of plastic hinges both in sagging and 
hogging bending regions was assumed in correspondence of the in-plane buckling of the 
compressed steel beam’s flange. The method adopted for the determination of the 
ultimate plastic rotation was developed for steel beams [Gioncu et al.,1994]. Anyway, 
provided that in sagging regions the cracking of concrete slab happens for lower values of 
the plastic rotation, it was assumed that with respect to the ultimate rotation, the 
composite beam could be considered as a bare steel one; therefore the same limit 
corresponding to local buckling was assumed both in sagging and hogging bending 
regions. 
For what concerns the determination of the global ductility ratio an important problem 
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was represented by the different possibilities of defining both the ultimate and the yield 
states; in fact, as for local ductility the definition of target displacement is not standardized 
yet, so different approaches are possible. Besides, this way of defining the global ductility 
does not represent a sufficient mean to estimate the structural damage [Mazzolani et 
al.,1996a], because it does not take into account the number of yield excursions and 
reversals occurring during a severe earthquake, but this is not accounted for in present 
analysis. In this case, the ultimate displacement was based on the ultimate plastic rotation 
of the critical plastic hinge.  
In order to estimate the seismic capacity of the composite frame a sequence of 
inelastic static analysis was performed on the building subject to a set of monotonically 
increasing lateral loads.  
The load-deflection curves from pushover analysis representing base shear versus top 
displacement in correspondence of the Uniform load shape (ULS) and of the Triangular 
load shape (TLS) are shown in Figg.4-30 and 4-31. The four curves take also into account 
the two sides in which the horizontal actions may act. 
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Fig.4-30. Load-deflection curves for Uniform (ULS) and Triangular (TLS) load shapes (left side) 
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Fig.4-31. Load-deflection curves for Uniform (ULS) and Triangular (TLS) load shapes (right side) 
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In both cases obtained results were quite the same in terms of maximum shear force; 
anyway, curves representing horizontal loads acting from right to left, exhibited a slightly 
smaller initial stiffness and little higher values for the ultimate displacement. Anyway, once 
the first plastic hinge had formed the stiffness attained the same value for both sides.  
 
Fig.4-32. Path of plastic hinges for Uniform load shape (ULS)  
It is well known [Krawinkler et al., 1998], that the lateral force profile influences the 
structural response. The obtained results confirmed that the use of a uniform load shape 
yields a pushover curve that reaches higher values of the maximum base shear force 
together with higher values of the elastic stiffness but lower values of the maximum 
allowable ultimate displacement if compared with the pushover curves obtained by 
applying a triangular load shape.  
The path of plastic hinge formation is shown in Figg.4-32 and 4-33 for ULS and TLS, 
respectively. Regardless from the adopted lateral distribution, the sequence of relevant 
phenomena is the same and can be summarized in three main steps: a) formation of the 
first plastic hinges in the beam with longest span, b) formation of plastic hinges at the 
base of ground storey columns and c) cracking of concrete slab in the beam with shortest 
span. In both cases, a global failure mechanism was not obtained; it was observed that 
using a triangular load shape, yielded a more extensive plastic hinges distribution; 
anyway, the presence of an undesired plastic hinge at the top of the third storey column 
was revealed. 
 
Fig.4-33. Path of plastic hinges for Uniform load shape (TLS)  
In order to evaluate the damage potential of the building, the seismic demand was 
established in terms of the target displacement. For its estimation, different approaches 
are possible including: a) single degree of freedom (SDOF) approach, (b) capacity 
spectrum approach and (c) elastic dynamic analysis approach. 
4. Seismic design and performance evaluation of a composite Moment Frame 
- 111 - 
Traditionally, the target displacement is determined considering the seismic response 
of an equivalent SDOF system, whose characteristics may be determined in different 
ways. Anyway, common to all the formulations is the assumption that the response of the 
building is governed by the first fundamental mode. This allows the transformation of the 
multi degree of freedom (MDOF) building into a generalized SDOF system. The load-
deflection curve of the resulting SDOF system takes the form of the capacity curve of the 
building so that the maximum response of the SDOF system to any ground motion 
represents the target displacement. 
In times, different procedures have been used to determine the characteristics of the 
SDOF system equivalent to the MDOF frame. In this study, the procedure given in EC8 
Annex B, which resembles the procedure proposed by Fajfar [Fajfar et al., 2000], was 
followed and the characteristics of the equivalent SDOF systems were determined. 
In order to derive a simplified elastic-perfectly plastic force-displacement relationship 
for the equivalent SDOF system different choices could be made. In this case, it was 
supposed that the elasto-plastic system reached the same ultimate displacement as in the 
force-displacement relationship while its elastic stiffness was determined by imposing an 
energy balance.  
Once the approximate elasto-plastic force-displacement relationships were obtained, it 
was possible to determine the period *T  of the equivalent system according to the 
following: * * * *2 y yT m D Fπ=  where *yF  and *yD are the values of force and displacement 
at yield, respectively and m* is the equivalent mass of the system. 
Characteristic values of the properties of approximate elasto-plastic systems for the 
two adopted lateral load distributions acting from both sides (Left and Right) are shown 
both in Table 4-C: 
Frame Load Shape Dy*[m] Fy*[KN] T*[sec] 
Left_U 0,204 1137 1,108 
Left_T 0,220 980 1,238 
Right_U 0,210 1146 1,120 
Type C 
Right_T 0,238 1003 1,272 
Table 4-C. Characteristic values of equivalent elasto-plastic systems 
The displacement demand or target-displacement for the SDOF systems was obtained 
combining the results from pushover analysis with the response spectrum analysis of an 
equivalent SDOF system. This procedure, called the N2 method [Fajfar et al., 2000] is 
based on the adoption of a simplified bi-linear spectrum for the reduction factor Rm which 
is given by Eqs.[4.6]: 
( )
µ
µ
µ
⎧ − + <⎪= ⎨⎪ ≥⎩
1 1 C
c
C
T T T
TR
T T
[4.6] 
where Tc is the characteristic period of the ground motion. According to this 
relationship, for idealized systems of this kind, the global ductility µ  may be assumed 
equal to the force reduction factor Ry.  
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It is generally accepted that for short vibration periods an equal energy rule applies, 
whereas for moderate and long periods an “equal displacement rule” applies, as is shown 
in Fig.4-34. 
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Fig.4-34. Relationships between q-factor and ductility for idealised Systems [Lu et al., 2001] 
In the present case, having the structural system a relatively long natural period, the 
displacement demand for the equivalent elasto-plastic systems was the same as the 
corresponding elastic system. 
The graphical procedure used for the determination of the target displacement is based 
on the acceleration-displacement format in which the elastic spectrum represents the 
seismic demand and the approximate elasto-plastic force-displacement relationship 
represents the capacity diagram of the SDOF system. Of course, in order to obtain the 
seismic demand in terms of top displacement for the MDOF system, the amplification 
factor given by the modal participation factor has to be used. The determination of target 
displacement is shown in Fig.4-35 and 4-36. 
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Fig.4-35 Target displacement for ULS and TLS (left side) 
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Fig.4-36. Target displacement for ULS and TLS (right side) 
In order to assess the validity of the obtained results, the target displacement was 
determined numerically for comparison by using different −µ −yR T  relationships found in 
the literature [Chopra et al., 1999] and given by Eqs.[4.7]:  
n a
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y a n b
2
y b n c '
c y n b n c '
y n c
Undefined T T
(1 R ) / 2 T T T
(1 R ) / 2 T T T
T R T T T T
R T T
β
<⎧⎪ + < <⎪⎪ + < <µ = ⎨⎪ < <⎪⎪ >⎩
[4.7] [Newmark and Hall, 1982]
where n a b aln(T / T ) / ln(T / T )β = . 
c
y
11 (R 1)
c
µ = + − [4.8] [Krawinkler and Nassar, 1992]
where: ( ) ann a
nn
T b
c T ,
T1 T
α = ++  and the numerical coefficients depend on the slope of the 
yielding branch; in particular, 1a =  and 0.42b =  for elasto-plastic systems. 
1.053
o
y n o
n
1.053
y n o
T
1 0.74(R 1) T T
T
1 0.74(R 1) T T
⎧ ⎡ ⎤⎪ + − ≤⎢ ⎥⎪µ = ⎣ ⎦⎨⎪ ⎡ ⎤+ − >⎪ ⎣ ⎦⎩
[4.9] [Vidic, Fajfar and Fischinger, 1994]
where 0.2o c cT 0.75 T T= µ ≤  
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Since oT  in Eq.[4.9] depends on m, the values of m corresponding to a given Ry should 
be determined by solving a nonlinear equation iteratively, unless a simpler equation is 
assumed; in this case o cT T=  was assumed. 
The obtained results for target displacements are summarized in Table 4-D. 
  
Newmark- 
Hall 
Krawinkler- 
Nassar Vidic et al. 
Frame Load Shape 
µ  D [cm] µ  D [cm] µ  D [cm] 
Left_U 2,06 41,3 2,02 40,5 1,77 35,6 
Left_T 2,14 46,1 2,09 45,0 1,83 39,6 
Right_U 2,02 41,7 1,98 40,9 1,75 36,0 
TypeC 
Right_T 2,19 46,4 2,06 45,4 1,81 39,9 
Table 4-D. Values of target displacement obtained by using different Ry-µ-T relationships 
In each case, the obtained results were in good agreement; anyway, the displacement 
demand obtained by using EC8-1.1 yielded higher values of the target displacement if 
compared to the other expressions; thus we may say that the code assumption is 
conservative, but on the safe side. Of course, relying on the assumption of validity of the 
equal displacement rules, both EC8-1.1 and Newmark-Hall procedures yielded the same 
results. 
Another characteristic parameter to be assessed is the structural overstrength. In 
general, structures designed according to modern seismic codes exhibit a considerable 
level of overstrength; the consequence to this fact is that the yield limit state is generally 
observed at high intensity levels compared with the yield intensity implied by design. In 
the literature, different definitions of the overstrength factor may be found. EC8-1.1 
defines it as the ratio between the multiplier of seismic design actions at formation of first 
plastic hinge (α1 ) and the multiplier of the same actions at formation of a global plastic 
mechanism (αu ).  
An additional measure of the overstrength factor may be given [Thermou et al., 2004] 
relating the actual yield Vy and the design lateral strength Vd as expressed by Eq.[4.10]: 
d y dV VΩ = [4.10] 
Besides, according to Mawfy [2001] an inherent overstrength factor may be defined as 
given by Eq.[4.11]: 
i y e dV V qΩ = = Ω [4.11] 
This measure of response may be useful to compare the performance of structures 
designed for different values of the behaviour factor q, and reflects the reserve strength of 
the structure under the design earthquake. In fact, if 1iΩ >  it means that the global 
response of the structure will be almost elastic under the design earthquake, reflecting its 
high overstrength.  
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The values of the overstrength factor obtained using the different definitions are 
summarized in Table 4-E. 
Frame Load Shape  Vy [KN] Vd[KN] au/a1 Wd Wi 
Left_U 1470 230 3,17 6,39 1,06 
Left_T 1265 230 3,03 5,49 0,92 
Right_U 1446 230 2,90 6,28 1,05 
Type C 
Right_T 1278 230 3,07 5,55 0,93 
Table 4-E. Overstrength factors obtained from the static pushover analysis for HDC Frames (q = 6) 
The obtained results confirmed that composite frames designed according to the 
current EC8-1.1 exhibit a high level of overstrength. Besides, looking at the values 
obtained for the inherent overstrength factor it comes out that according to this definition 
the frame is supposed to remain almost in the elastic range for the design earthquake. 
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4.4 The beam-to-column connection 
Experimental research on CFT connection details presents several features depending 
on tube shape and on the desired connection requirements. In general, constructional 
details may be grouped into two broad categories: (a) connections attaching directly to the 
face of the steel tube, (b) connections using elements embedded into the concrete core. 
Connections to the face of the steel tube include: welding the girder directly to the tube 
skin, using web angles or shear connectors.  
The connection to circular steel tubes presents more detailing difficulties if compared to 
the square shape. A research study was conducted [Alostaz et al., 1996] in order to verify 
connections that might be suitable for seismic applications. Analytical results suggested 
that connections which transfer load from the girder to the concrete core potentially offer 
better seismic performance than connections to the steel tube alone. In fact, connections 
to the steel tube alone may exhibit large distortion of the tube wall around the connection 
region. Besides, components transferring girder forces into the concrete core exhibit 
better strength and stiffness characteristics than a simple connection to the tube face. 
However, the improvement in behavior depends also on the type of components 
penetrating the concrete core. Connections in which the girder extends through the 
composite column generally offer the most effective method in developing the ideal rigid 
girder connection behavior. Numerical results suggested [Alostaz et al.,1998] that 
connections to the steel tube alone might led to fracture of the tube wall or to the beam 
flanges thus preventing full development of the plastic bending hinge in the wide flange of 
the girder.  
The beam-to-column joint was designed on the basis of the effects of actions coming 
from the structural analysis of the composite frame. The choice to obtain a collapse 
mechanism involving the formation of plastic hinges at the beams’ ends required the 
realization of a beam-to-column connection possessing enough overstrength with respect 
to the beam. Besides, taking into account the difficulties related to the construction of this 
joint typology, it was decided to realize a rigid full strength connection. 
4.4.1 Choice of the structural solution 
In order to obtain a beam-to-column connection complying with the design performance 
objectives, and on the basis of some research work found in the literature [Azizinamini et 
al., 2004] different solutions were analyzed and compared in terms of structural 
performance and cost-effectiveness. Besides, in order to understand the feasibility of each 
proposed solution, several steel shops were asked to give their technical advice.  
Four structural solutions were analyzed mainly differing from the type of element 
penetrating into the column concrete core: The first solution (Typology A) was realized 
with five trough column vertical plates whose disposition is shown in Fig.4-37. 
through column
shear vertical plate
through column
inferior vertical plate  
Fig.4-37. Typology A – lateral view 
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The five vertical plates are placed inside the steel tube on shop while they are 
connected to the main steel beam profile by in situ partial strength welding. In the case of 
the exterior joint the vertical plates pass throughout the column and are welded to its 
exterior wall. 
This solution takes advantage from the fact that no additional work on shop is required 
for the main steel beam profile so leading to reduced construction costs. On the other 
hand special work is required for the column mainly concerning the tolerance of the 
vertical cuts to be realized in the steel tube. A good performance of this joint typology is in 
fact strictly related to the precision of these cuts considering its influence also on the 
construction phase which is not easy in nature. 
The second solution (Typology B) is made by two horizontal diaphragm plates and one 
vertical through column plate as shown in Fig.4-38. 
single through column
central vertical plateinferior horizontal
collar plate
superior horizontal
collar plate
 
Fig.4-38. Typology B – lateral view 
Once each side is properly placed on the pipe the two halves are attached with a full-
joint penetration groove weld. The presence of a vertical through column plate shown in 
fig. allows the transmission of shear forces due to vertical loads from the beam to the 
column in the external joint and from a beam to the other in the internal joint. In this case 
only few additional work is required on shop for the column allowing easiness of 
construction and guarantying a good performance. 
The third solution (Typology C) was realized half way between the two previous 
typologies as shown in Fig.4-39: only the inferior horizontal diaphragm plate of Type B is 
present replacing the two inferior through column vertical plates of Type A while superior 
and central plates are still present.  
single through column
central vertical platethrough column
inferior vertical plate
through column
superior vertical plate
 
Fig.4-39. Typology C – internal and external joint 
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Finally, the fourth solution (Typology D) resembles the so-called “Christmas tree 
typology” being of the trough column type as shown in Fig.4-40. In this case, the steel 
beam is continuous across the column wall and the connection to be realized in situ is of 
the beam-to-beam type instead of beam-to-column. 
through beam
 
Fig.4-40. Typology D – lateral view 
Even if this connection represents at best the ideal rigid connection condition some 
problems may be caused by the welding of the beam-to-beam connection to be made in 
situ that requires very expensive additional work. 
The parameters taken into account for the evaluation of the above mentioned solutions 
were: a) required time to make on shop operations, b) required additional time and cost 
effectiveness of in situ operations, c) difficulty of erection due to column’s self-weight and 
d) easiness in assembling the different parts of the connection. 
Each of these parameters was quantified by assigning an importance factor ranging 
from zero (worst) to ten (best). In this way, the performance of each proposed beam-to-
column connections was evaluated and the obtained results were summarized for each 
joint typology as shown in Fig.4-41: 
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Fig.4-41. Global evaluation index of the proposed beam-to-column connections 
After this brief inquiry, it was agreed that joint Typology B was the solution presenting 
the best balance between cost and easiness of construction both in shop and on site. 
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Besides, it was agreed that a welded connection was preferable to a bolted one because 
it may allow more strength and ductility in presence of seismic actions; by the way, taking 
into account the effects of the Northridge earthquake [Whittaker et al., 1998], it seems 
useful to point out some considerations explaining the choice of a completely welded 
solution. 
The leading design choice to realize a fully-rigid and full-strength beam-to-column 
connection imposed to take into account the high values of the internal effects of actions 
arising mainly in correspondence of the beam’s inferior flange. 
Besides, because of the presence of seismic actions, the connection undergoes 
opposite values of the design forces. In this situation, bolted solutions may be subjected to 
slippage phenomena between the hole and the bolts thus the use of simple plate 
connection may lead to a quick degrading of hysteretic loops and hence to a poor ductile 
behaviour. 
Calculations were made in order to try and verify the possibility of a bolted solution 
giving the following results: the required number of bolts in order to realize a full strength 
connection between the superior horizontal plate and the beam’s flange amounts to 8M24 
or 10M20 class 10.9 over a length of 400-450 mm. This high number of bolts is necessary 
in order to fulfil both the bearing resistance and the over-strength requirements and of 
course, it is conditioned by the necessity of connecting only one plate.  
In order to prevent the developing of slipping phenomena as described in 2) it’s 
necessary to use a larger number of bolts, rising up to 14M24 class 10.9 if considering a 
friction coefficient equal to 0.3 (corresponding to the C class present in EN 1090 for 
smooth surfaces) distributed over a length not inferior to 700 mm. In order to reduce this 
high number of bolts, a higher value for the friction coefficient should be assured but this 
can be possible only for non smooth surfaces. 
Taking into account all the previous considerations, a completely welded solution for 
the composite beam-to-column connection was adopted, allowing for the fulfilment of all 
the requirements both in terms of strength and rigidity.  
Therefore, it was adopted as study case to perform experimental tests in order to 
evaluate its behaviour under monotonic and cyclic loadings. 
4.4.2 Preliminary design: the capacity method 
The proposed solution is realized with two horizontal diaphragm plates; the inferior one 
is monolithic while for fabrication convenience and easiness of mounting the superior one 
is split into two equal halves along the diagonal. Once each side is properly placed on the 
pipe the two halves are attached with a full-joint penetration groove weld. The presence of 
a vertical through-column plate allows for the transmission of shear forces due to vertical 
loads from the beam to the column in the external joint and from a beam to the other in 
the internal joint. With this structural solution, only little additional work is required on shop 
for the column, thus allowing easiness of construction and guarantying a good 
performance. A detail of the steel part of the connection is shown in Fig.4-42. 
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Fig.4-42. Detail of the steel part for the beam-to-column connection. 
The design of the connection was completed by adding structural details of the steel 
part and of the concrete slab in order to obtain an over-strength connection with respect to 
the composite beam. The plastic resistance bending moment in sagging region of the 
composite beam was used as referring value for design; in particular, the steel part of the 
beam-to-column connection including horizontal plates, vertical plate and welding was 
designed to be over-strength with respect to the IPE400 steel profile. Calculations were 
developed for the exterior joint that will be tested in the Official Laboratory for Testing 
Materials of the University of Pisa, where the specimen will be subjected both to 
monotonic and cyclic loadings. 
The layout of transversal seismic re-bars added in the slab was defined following the 
dispositions given by EC8-1.1 concerning the formation of slab mechanisms in the 
compressed region. The two slab mechanisms proposed by the code, including direct 
compression (Mechanism 1, see Fig.4-43), and strut and tie system (Mechanism 2, see 
Fig.4-44) were analyzed and adapted to the case of circular column. In this case, in fact it 
is necessary to estimate the spread of compression zone. 
To be safe sided, for Mechanism 1 column compression forces were assumed to act 
within a cone of 30° with respect to the axes of the beam, while for Mechanism 2 an 
inclination of 45° for the struts was assumed. 
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Fig.4-43. Slab mechanism 1: direct compression 
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Fig.4-44. Slab mechanism 2: strut and tie 
Following the dispositions given in EC8-1-1, capacity design rules were applied to the 
resisting elements involved in both mechanisms 1 and 2, in order to quantify the proper 
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number of seismic rebar allowing for the development of such mechanisms. In the end, 
4F12 mm rebar each 100 mm were used. Layout of seismic re-bars is shown in Fig.4-45. 
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Fig.4-45. Layout of seismic re-bars in the composite slab 
According to the Code, in order to obtain a beam-to-column connection possessing 
enough overstrength with respect to the composite beam, the following inequality had to 
be fulfilled: Rd,beam Rd,connection1.3M M≤ . The bending resistance of the connection was 
obtained by considering the contributions of the different components both in sagging and 
in hogging bending regions. 
For the connection under sagging bending moment, three different resultant actions 
were considered: a) the composite slab in compression F(1), b) the superior horizontal 
plate assumed in compression F(2) and c) inferior horizontal plate in tension F(3) (see Fig.4-
46). While for the connection under hogging bending moment the three resistant 
components taken into account were: a) the inferior horizontal plate in compression F(2), 
the superior horizontal plate assumed in tension F(3) and c) the reinforcing bars in tension 
F(5).  
  
Fig.4-46. Distribution of internal actions in the connection at U.L.S. 
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For each component, the value of the associated resisting force was determined by 
taking into account all the possible force transfer mechanisms. 
For what concerns the composite slab in compression the resultant of the resisting 
forces was obtained by simply adding the values derived from the two mechanisms 
mentioned above, according to the following set of equations (see Eqs.[4.12]): 
RD,1 RD,2(1)F F F+=  
( )csRD,1 cd col 1t D sin 2F f α=  
2 2
Col 1 1 1 1
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Fig.4-47. Determination of the resisting force in the composite slab at the connection 
The resistance force of the steel collar in compression was determined by taking into 
account the possibility of buckling phenomena and was determined according to 
Eq.[4.13]. The section used for verification in this case is shown in Fig.4-47. 
Therefore, the sagging bending moment resistance of the connection was given by the 
following expression: ( )(1) (2)Rd,connection 1 2 2h h hF FM = + +  
The resistance force of the steel collar in tension, was given by Eq.[4-14]. The 
section used for verification was taken in correspondence of the end of the beam 
flanges as shown in Fig.4-47, assuming that this may represent a potential section of 
weakness: 
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Fig.4-47. Resistance of the steel collar in compression and in tension 
Following Huber approach (see Fig.4-48) given in Eurocode 4, the resistance force of 
steel re bars in tension was determined by taking the smaller of the values given by the 
following set of equations (Eqs.[4.15]): 
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Fig.4-48. Determination of the resistance force in the steel rebar 
Therefore, the hogging bending moment resistance of the connection was given by the 
expression ( )(5) 2 3 (3) 2Rd,connection F h h F hM = + + . 
For what concerns the vertical plate bearing in shear, it was designed to resist the 
maximum allowable shear force coming from the beam. The shear resistance of the 
connection was given by Eq.[4.16]:  
( )s(4) plate plate ykF b t f / 3= γ  [4.16] 
Finally, the fulfilment of the requirements for the connection overstrength was checked.  
The sizing of structural members and the detailing of the connection were then used to 
build full-scale specimens to be tested in the Laboratory Facility Test of the University of 
Pisa as shown in Figg.4-49 and 4-50. Experimental tests include both monotonic and 
cyclic loadings and are developed within the framework of the ECCS European Project 
“Precious” (PREfabricated ComposIte beam-to-concrete filled tube or partially reinforced-
concrete-encased cOlUmn connections for severe Seismic and fire loadings). 
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Fig.4-49. Beam-to-column connection 
Fig.4-50. Beam-to-column connection – details of the realized specimens 
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4.5 Conclusive remarks 
In this part of the work, the choice of the most suitable structural solution with respect 
to the design objectives is presented.  
The first part of the study involved the analysis of three different structural types 
ranging from bare steel to full composite solution that were designed to resist earthquake 
loadings following the ductile design approach given in EC8-1.1. Besides, a first insight 
was given to the possibility of surviving in a fire situation, by comparing the ability of the 
different columns’ typologies of sustaining the combined action of axial force and bending 
moment at elevated temperatures. 
The comparison of the different structural solutions was very useful also because it 
gave the possibility of outlining all the difficulties faced during the design phase as well as 
the binding clauses affecting the sizing of structural elements. In particular, the influence 
of the behaviour factor was analyzed by designing the frames in each set with reference 
to three different ductility classes, namely low (LDC, q=2), medium (MDC, q=4) and high 
(HDC, q=6). The main principle in the ductile design approach is to allow a certain amount 
of plastic deformation in order to dissipate a part of the seismic input energy. Therefore, a 
structure designed with reference to a high ductility class is expected to possess reduced 
cross-sections if compared to the same structure designed to survive the same design 
earthquake while remaining in the elastic range. Of course, in a ductile structure reduced 
cross-sections would balance the major costs needed for structural detailing in order to 
provide the designed ductility zones with a suitable plastic rotation capacity. 
The results coming from the design phase may be summarized in the followings: 
? changing the ductility class, and hence the value of the behaviour factor q does 
not affect the sizing of structural elements. This is a consequence of adopting the 
simplified linear elastic method, which anyway is the most used in current design 
practice. Therefore, it is easy to understand how the design methodology proposed by 
the Code loses much of its effectiveness at least in the case of moment frames. 
? the sizing of column elements is governed by the serviceability limit state (SLS); 
in fact, the fulfilling of the requirements to satisfy both the inter-storey drift and the 
sensitivity coefficient checks imposes severe limitations on the column dimensions. Of 
course, the governing parameter is represented by the lateral stiffness of the frame 
which in the solutions including bare steel beams (Type A and Type B) is mainly 
dependent on the columns’ flexural stiffness while in the full composite solution is 
highly influenced also from the flexural stiffness of the composite beam. 
? the sizing of beam elements is governed by vertical loads in the static 
combination 
? using a full composite solution do not provide any advantage in terms of 
optimization of members sizing in earthquake design. The use of composite beams in a 
moment frame is limited by the necessity of bending moment transfer to the column. 
The flexural stiffness of composite columns determined by making use of the 
expression given by the Code, is very close to the value obtained for a bare steel 
section with the same averaged geometric dimensions; therefore no structural 
optimization is possible. 
? Analysis developed in a previous work [Alderighi et al., 2007] shows that the 
seismic performance of the HDC frames in each set is well comparable therefore no 
advantage is taken from the composite solution. 
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? composite concrete-filled columns confirm their inherent good fire resistance with 
respect to the other typologies 
Therefore, in the framework of an integrated design considering both seismic and fire 
loadings the use of a full composite solution was revealed the most suitable choice and as 
such it was chosen as study case for all subsequent analysis. 
The designed frame showed enough capacity to sustain the seismic design actions 
fulfilling the limitations imposed by the EC8-1.1 with respect to the target displacement, 
which resulted on the safe side if compared with other methods found in the literature. The 
path of formation of plastic hinges derived from pushover analysis confirmed [ ] that the 
hierarchy criterion methodology adopted by the Code is not sufficient to obtain a global 
failure mode even if it prevents from the formation of soft storey mechanisms. 
In the last part of this study, the choice of the most suitable solution for the beam-to-
column connection is presented. After a careful examination of some research works 
found in the literature, several typologies are analyzed and compared in order to balance 
feasibility of construction and structural performance issues. In the evaluation of different 
joint typologies, particular attention is paid to the solutions presenting structural elements 
embedded into the column concrete core. The presence of such structural detailing in fact, 
combines the need of realizing a full-rigid and full-strength connection with the need of 
having some parts embedded in concrete in order to guarantee them protection if in 
presence of fire loadings.  
The proposed solution for the beam-to-column connection meets this design objective 
thanks to the presence of a vertical through column plate designed to allow shear transfer 
from the beam to the column, even in presence of fire loadings. 
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Chapter 5 
Fire design and performance evaluation of a 
Composite Moment Frame  
5.1 Introduction 
In this Chapter the fire resistance rating of the composite moment frame chosen as 
study case is evaluated and discussed. 
After the design of the structural system using design conditions for normal operating 
temperatures also including earthquake loadings (as exposed in Chapter 4) the procedure 
moved to the structural fire analysis phase.  
In the first part of this Chapter, the material properties of both steel and concrete at 
elevated temperatures defined in the Eurocodes are carefully described, since they are 
taken into account both in simple and advanced calculation models used to the determine 
fire resistance. 
Simple calculation models given by EC4-1.2 are applied (when possible) to the isolated 
structural elements in order to make an estimate of their fire resistance according to 
current Code provisions.  
Afterwards, advanced calculation models were applied aiming at the assessment of the 
fire performance of the whole frame under assumed fire exposure conditions. To this 
purpose a suitable design fire scenario was chosen in order to describe the more severe 
boundary conditions that the structure may be exposed to during a fire. The temperature 
field on the cross-section of each beam-column element was preliminary determined and 
the mechanical analysis of the frame followed. The obtained subsequent structural 
response which is a function of the combined thermal and mechanical loading conditions 
was carefully analyzed and discussed. 
Once the analysis was performed, to properly define a suitable failure criterion was 
another point of main concern. In present study, the structural collapse was defined as the 
time at which some instability phenomena occurred; therefore, the main effort was 
devoted to understanding the behaviour of the frame throughout the time of fire exposure 
by making use of the fundamental mechanical principles in fire conditions explained in 
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Chapter 2. It is known [Sanad 2000], [Seputro et al.,2001] that support conditions play a 
fundamental role in the behaviour of a heated beam; therefore particular attention was 
paid to the effect of restraint provided by the surrounding structure to the heated 
elements. To this purpose, the behaviour of the heated beam in the frame was compared 
with the behaviour of the same beam considered as an isolated element but with different 
ideal support conditions. The obtained results were carefully explained with particular 
attention to the different behavioural phenomena developing during the fire and by 
correlating them with the evolution of the state of stress in some predefined critical cross-
sections.  
Afterwards, a useful verification tool was developed and carefully explained aiming at 
the construction of bending moment-axial force interaction curves at elevated 
temperatures taking into account the effective temperature distribution on a cross-section 
as well as the variation of material properties defined by the constitutive laws given by 
Eurocodes. The developed procedure was applied to the composite cross-sections of the 
analyzed frame in order to compare their strength domain with the effect of actions 
coming from global analysis. 
In the last part of this section the thermal analysis of the beam-to-column connection is 
presented. A solid model was built in order to fully understand the distribution of 
temperature in each component of the connection during the fire exposure. This 
preliminary study was very important in order to understand which part of the connection 
resulted more affected by the imposed heating conditions. 
5.2 Material properties at elevated temperatures 
5.2.1 Thermal properties 
Structural Steel 
Thermal properties of steel at elevated temperatures are found to be dependent on 
temperature and are less influenced by the stress level and heating rate; this simplifies the 
consideration of the thermal properties of steel in design methods. Thermal properties of 
steel include: thermal elongation, specific heat and thermal conductivity. 
The variation of the thermal elongation with temperature is shown in Fig.5-1 together 
with the expression used in the Code to describe it. 
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Fig.5-1. Thermal elongation of steel as a function of temperature 
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Specific heat is a function of temperature and is independent of the composition of 
steel. The variation of the specific heat with temperature is shown in Fig.5-2 together with 
the representative equations. 
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Fig.5-2. Specific heat of carbon steel as a function of temperature  
The sharp peak in the Eurocode suggested specific heat equations for steel at 730°C 
and is due to a metallurgical change in the steel crystal structure. 
Finally, the thermal conductivity is a function of both the temperature and the 
composition of steel. The Eurocode suggests a linear approximation for thermal 
conductivity of most structural steel as shown in Fig.5-3.  
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Fig.5-3. Thermal conductivity of carbon steel as a function of temperature 
Concrete 
Concrete is a non homogenous material whose fire performance is controlled by that of 
the aggregate and the cement paste. Recently there has been considerable interest in 
high-strength concrete (HSC) as a high performance construction material due to its 
superior strength, stiffness and durability. The main concern of using HSC is its higher 
susceptibility to explosive spalling during a fire attack. 
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Concrete has a low thermal conductivity (50 times lower than steel) and therefore heats 
up very slowly in a fire. It is the low thermal conductivity that provides good inherent fire 
resistance to concrete structures. Thermal conductivity is also dependant upon the 
aggregate type and on moisture content. The aggregate type has the most significant 
influence on the conductivity of dry concrete. However, as the moisture content of the 
concrete increases its thermal conductivity increases. 
The recommended thermal conductivity equation for siliceous aggregate, given by EC2 
is given by the following and its evolution in function of temperature is shown in Fig.5-4. In 
simple calculation models for normal-weight concrete, a constant value may be used. 
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Fig.5-4. Thermal conductivity of concrete in function of temperature 
The specific heat of concrete cc is also influenced by gravel type, mixture rate and 
moisture content. Gravel type is significant particularly in the case of concrete with 
calcareous aggregate, for which the specific heat increases suddenly because of chemical 
changes at a temperature of about 800°C.  The moisture content is significant at 
temperatures up to 200°C, because the specific heat of wet concrete is twice that for dry 
concrete. 
EC2-1.2 gives simple equations for the variation of the specific heat with temperature 
(see Fig.5-5). However in simple calculation models a constant value may be used. 
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Fig.5-5. EC2 specific heat of concrete as a function of temperature 
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5.2.2 Mechanical properties 
Structural steel 
Hot finished carbon steel begins to lose strength at temperatures above 300°C and 
reduces in strength at steady rate up to 800°C. The small residual strength then reduces 
more gradually until the melting temperature at around 1500°C. This behaviour is similar 
for hot rolled reinforcing steels. For cold worked steels including reinforcement, there is a 
more rapid decrease of strength after 300°C [Lawson et al., 1990]. In addition to the 
reduction of material strength and stiffness, steel displays significant creep phenomena at 
temperatures over 450°C. The phenomena of creep results in an increase of deformation 
(strain) with time, even if the temperature and applied stress remain unchanged [Twilt, 
1988].  
High temperature creep is dependent on the stress level and heating rate. The 
occurrence of creep indicates that the stress and the temperature history have to be taken 
into account in estimating the strength and deformation behaviour of steel structures in 
fire. Including creep explicitly within analytical models is complex. For simple design 
methods, it is widely accepted that the effect of creep is implicitly considered in the stress-
strain-temperature relationships. 
The stress-strain behaviour of carbon steel at high temperatures is essentially different 
from that at ambient temperature, without a clear yield plateau but strain hardening 
occurring all the way in the plastic range. 
In order to study the steel behaviour at elevated temperatures the value of the yield 
strength and the proportional limit are needed. British Steel Corporation (now Corus) 
carried out an extensive small-scale tensile test programme in 1980s on BS4360 Grades 
43A and 50B steels to provide elevated temperature data for structural fire engineering 
design applications. To represent the behaviour of beams and columns in large scale 
tests, the heating rates were set at the range going from 5 to 20°C/min.  
Based on the British Steel data, EC3-1.2 derives the reduction factors for effective yield 
strength, proportional limit and slope of linear elastic range to be used in order to 
determine strength and deformation properties of steel at elevated temperatures starting 
from ambient conditions (see Fig.5-6). 
Effective yield 
strenght
Proportional limit
Elastic modulus
0
0,2
0,4
0,6
0,8
1
1,2
0 200 400 600 800 1000 1200 1400
Temperature [°C]
%
 o
f n
or
m
al
 v
al
ue
, ,
, ,
, ,
yy y
yp p
yE E
k f f
k f f
k f f
θ θ
θ θ
θ θ
=
=
=
 
Fig.5-6. Strength reduction factors for structural steel (SS) and cold worked reinforcement (Rft) 
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The effective yield strength is related to 2% strain limit. The effect of creep is implicitly 
considered and the material models are applicable for heating between 2 and 50 K/min. A 
typical stress-strain relationship for steel at elevated temperatures is shown in Fig.5-7. 
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Fig.5-7. Stress-strain Relationship for Carbon Steel at High Temperatures 
The first part of the curve is a linear line progressing up to the proportional limit fp,θ and 
the elastic modulus Ea,θ is equal to the slope of this straight-line segment. The second part 
of the curve depicts the transition from the elastic to the plastic range. This region is 
formulated by an elliptical progression up to the effective yield strength fy,θ. The third part 
of the curve is a flat yield plateau up to a limiting strain for yield strength. The last part of 
the curve is characterised by a linear line decreasing to zero stress at the ultimate strain. 
Basically, the slope of linear elastic range governs the steel stiffness, whereas the 
effective yield strength governs the strength. Comparing their reduction factors at elevated 
temperatures, it can be seen that the stiffness of steel reduces earlier and more rapid than 
the strength. This indicates that the failure mode of steel members may change at 
elevated temperatures. For instance, a steel beam made of slender I-section, which is 
designed to plastic-hinge failure under ultimate load at ambient temperature, may 
experience the premature failure of web buckling at elevated temperatures. 
Although the formulae cannot provide perfect fitting with the test data at all 
temperatures, the correlation at temperatures above 400°C is in good agreement. 
Generally, the lack of accuracy at low temperatures below 400°C will not hinder the 
accurate prediction of fire resistance of steel structures in practice. This is because the 
actual loads applied to most buildings are commonly below 60% of the ultimate loads they 
are designed for at ambient temperature. That means the structures will generally have a 
minimum inherent fire resistance of 500°C.  
Concrete 
Concrete also loses strength properties as its temperature increases as shown in Fig.5-
8, although a variety of parameters contribute to the relevant characteristics of any given 
concrete element in the structure.  
The stress-strain curves at different temperatures for concrete have a significant 
difference in form from those for steel. They all present a maximum compressive strength, 
rather than an effective yield strength, which occurs at strains which progressively 
increase with temperature, followed by a descending branch. It can be seen that with 
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increasing temperature, while the peak compressive strength fc,θ reduces the 
corresponding strain increases. 
1000°C
800°C
arctan(
εεc1(θ)
σ (θ)c
f c(20°C)
1,0
0,9
0,8
0,7
0,6
0,5
0,4
0,3
0,2
0,1
0
0 1 2 3 4
20°C
200°C
400°C
600°C
αθ = )
ε (θ)ccu (θ)
α θ
Strain (%)
Normalised stress
0(θ)Ε
 
Fig.5-8. Stress-strain-temperature curves for concrete with siliceous aggregates 
Conservatively, the tensile strength of concrete can be ignored. However, EC2-1.2 
allows the tensile strength to be taken into account. The reduction of the characteristic 
compressive strength of concrete as a function of temperature is governed by the 
coefficient ( )c,tk θ  as given by the expression ( ) ( )c,tck,t ck,tf k fθ = θ  where the values of 
( )c,tk θ  for both siliceous and calcareous concrete are given in suitable Tables of EC2-1.2 . 
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5.3 The study-case: application of simple calculation models 
According to European Standards, the minimum required fire resistance time for 
ordinary unprotected steel or composite structures is 30 min. Of course, considering the 
behaviour of the whole structure rather than that of the single structural elements can 
make a great difference; anyway, in the application of the simple calculation models a 
required fire resistance of 30 minutes was considered for the single structural elements as 
well. 
As a preliminary step, the applicability of simple calculation models to the single 
structural elements composing the analyzed frame was checked.  
Simplified methods for composite slabs are given in EC4-1.2, Annex D. The values of 
the geometrical parameters for the applicability of the method are given in Table 5-A and 
confirm that the composite slab designed according to both EC4 and EC8 requirements is 
within the scope of application of the procedures defined in Annex D. 
Field of  
application [mm]
Geometry 
of cross section
≤ ≤180 0 155 0, l ,  1l 89=  
≤ ≤232 0 132 0, l ,  2l 61=  
≤ ≤340 0 l 115 0, ,  3l 61=  
150,0 h 100,0≤ ≤  1 95h =  
 
heff 
h3
h1
h2
l1 l3 
l2 
250,0 h 100,0≤ ≤  2 55h =  
Table 5-A. Scope of application for slabs made of normal concrete and trapezoidal steel sheets 
For what concerns the main composite beam comprising a steel beam with no concrete 
encasement, EC4-1.2 provides two methods for the calculation of sagging bending 
moment resistance including: a) the critical temperature method and b) the bending 
moment resistance method. The first one is explicitly addressed for simply supported 
beams complying with some limitations about the height of the steel beam and of the 
concrete slab. The second method instead, is said to apply when the above limitations are 
not fulfilled but it is not explicitly addressed for continuous beams. Anyway, methods for 
the determination of both sagging and hogging bending moment resistance are given in 
Annex F so that in present analysis, since a continuous beam scheme was adopted, the 
bending moment resistance method was applied to determine resistance in the fire 
situation. 
Finally, for what concerns the hollow concrete-filled column, the simple calculation 
procedure was not valid since the conditions for its applicability were not met. It is not by 
chance that the diameter of the column does not satisfy the requirements for the 
applicability of the simplified method, being its dimensions imposed by the fulfilment of the 
limitations of the inter-storey drift and sensitivity coefficient given by EC8 for seismic 
applications. This is an important problem to be posed especially in current design 
practice, since it means that advanced calculation models may represent in some cases 
the only way to assess the structural fire performance of a structural member, especially 
in the case of seismic resistant designed structures. 
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In the following, the simplified methods for thermal and structural analysis for isolated 
structural elements provided by EC4-1.2 are applied to the above mentioned structural 
elements. 
5.3.1 The composite slab 
Composite slabs are commonly used, particularly in unpropped construction when cast 
onto ribbed steel decking, a system which is advantageous in terms of speed and ease of 
construction. In case of fire, it is more than a structural element having in general also the 
function of separating individual fire compartments; for these reasons its performance has 
to be assessed in terms of the three criteria: load bearing (R), insulation (E) and integrity 
(I).  
The integrity criterion cannot be evaluated by calculation, but the code makes the 
assumption that composite constructions fulfil such criterion.  
The load bearing criterion is satisfied on the basis of the moment resistance of the 
composite slab, which can be calculated using the general principles given in EC4-1.2, 
Section 4.3 while the effects of thermal actions for standard fire resistance periods can be 
determined using Annex D. 
Anyway, in present analysis no additional calculation to comply with load bearing 
criterion was needed. In fact, according to EC4-1-2, a composite slab with steel sheet with 
or without additional reinforcement in the ribs, which has been designed for ambient 
temperatures according to the rules of EC4 Part 1.1 is assumed to have a fire resistance 
of at least 30 minutes. 
Finally, the performance of the slab against the insulation criteria was assessed by 
calculation using the dispositions given in Annex D.1.  
The thermal insulation criterion limits the permitted temperature rise on the unexposed 
face of a separating element. In accordance with the insulation criteria, the temperature 
rise on the top surface of the slab should not exceed an average value of 140°C or a 
maximum of 180°C. 
The verification was carried out in the time domain according to equation (D.1) where 
the following values of the coefficients were adopted: =rA /L 23,9 mm  for the rib geometry 
factor of the composite slab which is the equivalent of the section factor for beams and 
considers that both mass and height have positive effects on the heating of the slab; 
Φ = 0,603  for the configuration factor of the upper flange or view factor which considers 
the shadow effect of the rib on the upper flange. 
Given the above values for the parameters, the fire resistance with respect to thermal 
insulation criterion I resulted =it 125 min  which is far above the required 30 minutes. 
The effectiveness of the insulation function of the composite slab depends mainly on its 
effective thickness. EC4-1.2 provides an alternative way of determining the fire resistance 
with respect to thermal insulation through the comparison of the effective thickness with 
the minimum required values given in Table D.6 in function of fire resistance. By making 
use of the equation D.15(a), the effective thickness of the composite slab resulted 
=eff 122,5 mmh , and by linear interpolation of the values given in the above mentioned 
Table the same result was obtained. 
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5.3.2 The composite beam 
Simple models for the analysis of a composite beam including a down-stand steel 
beam with no concrete encasement are given in 4.3.4 and in Annex E; two basic steps are 
considered: 
? Thermal analysis for estimation of the temperature distribution over the cross section 
? Mechanical analysis for calculation of the load-bearing resistance of the member 
under fire conditions 
Thermal analysis  
In EC4-1.2 the same rules apply to the calculation of temperatures of protected and 
unprotected steel beams as are given in EC3-1.2. During a fire there may be considerable 
differences in the temperatures of the lower and upper flange of the steel beam, so it is 
very important that these should be properly determined in order to obtain an accurate 
value of the bending moment resistance of the composite section. 
For the evaluation of beam temperature the iterative procedure based on the equation 
of heat transfer (4-6) for unprotected elements was used by assuming a uniform 
temperature distribution for the lower flange, web and upper flange of the steel beam. In 
order to apply such methodology the values of the section factor for different parts of the 
steel joist considered at uniform temperature were determined according to expressions 
(4.9a) and (4.9b) and resulting: =lf lfA / V 159,26  for the lower flange and 
=uf ufA / V 85,185  for the upper flange. Thanks to the concrete haunch fully in touch with 
the upper steel flange, this presents a section factor which half of the lower flange’s 
values and hence much lower values of temperature. Since the beam’s depth doesn’t 
exceed 500 mm, it was allowed to assume the same value of temperature both for the 
web and the bottom flange. The temperature-time curve of different parts of the steel 
section obtained by making use of the step-by-step calculation procedure is shown in 
Fig.5-9. 
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Fig 5-9. Steel and gas temperature-time curves according EC4-1.2 
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The obtained values of temperature in function of different times of required fire 
resistance are summarized in Table 5-B. 
Fire resistance [min] R15 R30 R60 
Temperature of Lower Flange [°C] lf 623,1θ =  lf 825,4θ =  lf 939,9θ =  
Temperature of Steel Web web 623,1θ = web 825,4θ = web 939,9θ =
Temperature of Upper Flange uf 441,6θ =  uf 777,1θ =  uf 934,3θ =  
Gas Temperature g 738,6θ =  g 841,8θ =  g 945,3θ =  
Table 5-B. Steel and gas temperature-time curves according EC4-1.2 
After 60 minutes of fire exposure the temperature in the steel beam is almost uniform 
and equal to the gas temperature. 
For what concerns the temperature distribution in a concrete slab including steel sheet, 
its estimation is allowed provided that the composite deck is transformed into an 
equivalent solid slab of height equal to its effective thickness, determined according to [ ]. 
The values of temperature at different depth of concrete are given for increasing times of 
fire exposure (see Table D.5-AnnexD), starting from 30 min for an unprotected solid slab 
of 100 mm thickness. 
The temperature distribution in the height of concrete determined according to this 
method is shown in Fig.5-10 for different times of fire exposure: 
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Fig.5-10. Temperature distribution in the composite slab 
It can be observed that a sufficient thickness of the concrete slab maintains a 
temperature inferior to 250 °C even after 90 min; this means that concrete retains most of 
its strength during the duration of the fire. 
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Mechanical analysis  
Once the temperature in different parts of the steel beam and the concrete slab was 
known, it was possible to determine the bending resistance both in sagging and hogging 
bending regions, following the dispositions given in Annex E. 
The fire resistance of the main composite beam comprising a steel beam with no 
concrete encasement was checked by making use of the continuous beam static scheme 
shown in Fig.5-11. In this case the maximum values of sagging and hogging bending 
moment resistance were compared with the maximum sagging and hogging moment 
acting in the fire situation respectively. 
7.5 m 10.0 m
 
Fig.5-11. Static scheme for main composite beam 
The effective width of concrete slab to be used in calculation was determined following 
the dispositions given in EC4-1.2. In particular, for cross sections in sagging bending 
moment, the effective width in the fire situation was taken equal to the effective width in 
cold conditions, as stated in Annex D-D1.1(3).  
For cross sections in hogging bending moment, rules don’t provide a fixed value but in 
EC4-1.2 Annex E it’s stated that the effective width of the slab at an intermediate support 
(or at the restraining support) may be determined so that the plastic neutral axes do not lie 
in the concrete slab […]. This effective width may not be larger than that determined at 
normal temperature […]. Since in cold conditions, all the cross-sections in hogging 
bending fulfilled the previous requirement, the effective width of concrete slab was 
supposed to be the same as in cold conditions also in hogging bending region.  
Effective width values of the concrete slab for the main composite beams both in 
sagging and hogging bending regions are shown in Fig.5-12: 
Effective width 
of concrete slab 
beff [mm] 
For L1=7,5 m 
beff=1313 in 
sagging region 
For L2=10 m 
beff=1750 in 
sagging region 
At internal 
support 
beff=1094 in 
hogging region 
1750
55
0
1094
wire fabric Ø 6 p. 200 reinforcing bars n.4 Ø 12
1313
Fig.5-12. Effective widths of concrete slab for different cross-sections 
The actions in the fire situation were determined from actions in normal design, by 
making use of the load reduction factor determined according to the Eq.[3-10] of Ch.3.  
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The reduction factor for the design load level resulted equal to =ηfi 0,576 , therefore the 
design bending moment in sagging and hogging region resulted + =fi,Ed 408,30 kNmM  and 
− =fi,Ed 321,57 kNmM , respectively.  
In order to perform the verification of cross-section in the resistance domain, the class 
of cross-section at elevated temperatures was checked; therefore both the slenderness of 
the flange in compression and of the web in bending was checked by making use of the 
same procedure as in normal design temperature but allowing for a reduced values of the 
coefficient ε . The cross-sections resulted to belong to Class 1, therefore it was possible to 
apply the procedure. 
In order to determine the sagging bending moment resistance the neutral axis position 
was obtained from the equilibrium of the cross-section. Assuming that the neutral axis 
position was in the concrete slab, the tensile force in the steel section was determined and 
the corresponding depth of concrete in compression resulted =uh 30,73 mm . 
By making use of EC4-1.2 Table D.5 it was verified that the depth of concrete in 
compression uh  possessed a value of temperature T less than 250°C, therefore the 
obtained value was acceptable and used to determine the sagging bending moment 
resistance. As already said, the check was initially made for 30 min of fire resistance. The 
point of application of the compression force was determined and the sagging bending 
moment resistance resulted + +=fi,Rd fi,Ed413,17 kNm > M M  thus satisfying the check. 
For the determination of resistance moment in hogging region, the temperature in the 
tensile reinforcing bars was assumed to be the same as in the concrete slab at the level 
where the reinforcing bars are located. With the amount of reinforcement derived from 
design for vertical and seismic loadings in cold conditions, the resistance hogging bending 
moment in fire situation resulted − −<=fi,Rd fi,Ed268,09 kNm  M M , therefore new values of 
hogging bending resistance were determined corresponding to different times of fire 
exposure until the check was verified. This happened for a fire resistance time of the 
unprotected composite beam t=13,5 min. 
The shear resistance of connectors was checked in order to assure that the slab and 
the steel section acted as a single structural member. The adopted procedure was the 
same as at ambient temperature but allowing for reduced values of strength of both the 
stud connectors and the concrete in the slab. The values of temperature to be considered 
at the relevant time of fire exposure are given in the code as a percentage of the 
corresponding value of temperature in the upper flange of the beam; in particular the 
temperature vθ  of the stud connectors and cθ  of the concrete were assumed to be 80% 
and 40% respectively of the temperature of the upper flange in the beam. The check was 
made in correspondence of the time of fire exposure t=13,5 min and it was satisfied. 
The number of connector studs taken into account in the verification at the fire limit 
state, had been determined according to the requirements given in EC8. When 
considering seismic action in fact, a fixed reduction coefficient for strength of the studs is 
also present; therefore depending on the values of temperature and of the corresponding 
reduction coefficients, seismic actions or fire actions may alternatively condition design 
when checking shear resistance. In present case for the fire time resistance considered it 
was seismic actions to govern the design of stud connectors. 
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It has to be noticed that this check is of particular importance in the fire situation since 
the beam must have sufficient strength and stiffness to resist the shear force acting at the 
interface between the steel and the concrete slab, which is now increased as a result of 
different thermal elongations of the slab and the steel section.  
5.4 Application of advanced calculation models 
As explained in Chapter 3, both Eurocodes 3 and 4 also permit the use of advanced 
calculation models which can give a realistic picture of the behavior of structures in fire.  
In present analysis the finite element program SAFIR was used; it is a special purpose 
computer program for the analysis of structure under ambient and elevated temperature 
conditions which was developed at the University of Liege in Belgium [J.M Franssen et al., 
2004].  
The thermal exposure is defined as a function of time with gas temperature assigned to 
each time step. Thermal and mechanical properties of both steel and concrete at elevated 
temperatures following the relationships given in the Eurocodes (described in previous 
section) are embedded into the program. Therefore, thermal performance of materials can 
be analyzed. In structural analysis, large displacements are considered and the effects of 
thermal restraints are accounted for in the model. The effect of creep deformation of steel 
is considered only indirectly through the use of the above mentioned stress strain 
relationships. 
It is worth to notice that the program cannot be terminated by specifying a limiting 
deflection criterion; in fact the term failure is the time when the stiffness matrix of the finite 
element analysis is no longer positive. This means that when performing an analysis a 
specific failure criterion has to be defined. Besides, local failure of a structural member 
that does not endanger the safety of a whole structure can be handled by means of the 
arc length technique [J.M. Franssen, 2000].  
In general, the analysis of a structure exposed to fire consists mainly of two steps. The 
first step involves predicting the temperature distribution inside the structural members, 
referred to as thermal analysis while the second part termed structural analysis has the 
main purpose of determining the response of the structure under gravity load and thermal 
exposure. 
The temperature field in each analyzed cross section is previously determined and a 
fibre model is used to describe the geometry of the cross section and the material 
behaviour of each fibre calculated at the centre of the fibre. For the beam elements there 
are several assumptions incorporated in the analysis [Kodur et al.,1999] as follows: 
? Shear energy is not considered 
? The plastic strain is not affected by an increase in temperature 
? Residual stresses can be considered by means of initial and constant strains 
? The non-linear part of the strain is averaged on the length of the elements to avoid 
locking 
? In case of strain unloading, material behaviour is elastic with the modulus of 
elasticity equal to Young’s modulus at the origin of the stress-strain curve 
? Plasticization is considered only in the longitudinal direction of the member 
In the following section thermal analysis of cross sections and mechanical analysis of the 
complete frame are presented and discussed. 
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5.4.1 Thermal analysis of cross-sections 
For what concerns the choice of the design fire, it would be suitable to analyse a range 
of design fires, encompassing low temperature maximum duration and high temperature 
minimum duration in order to identify the worst case in terms of structural response.  
In present analysis only ISO834 Standard Fire was applied as a case of simulation and 
this because it is an internationally recognized and tested standard fire. However, as 
already outlined in first paragraphs, its use presents many shortcomings such as: 
? it has to be considered acting in the whole compartment 
? it does not consider the pre-flashover phase 
? it has no cooling phase 
? it does not depend on fire load and ventilation conditions 
Because of the above mentioned reasons, it will initially subject the composite section 
to a much rigorous test than a natural fire due to the rapid fire growth within the initial 
stages. As the analysis used is only two dimensional a representative temperature profile 
with time is determined for the cross section. Heat can only transfer through the cross 
section and not along the length of the beam. 
The composite slab 
When modelling the concrete slab for thermal analysis, both the steel mesh and the 
EGB210 profiled steel decking were incorporated into the finite element model, since the 
steel decking is used in construction as permanent formwork for the casting of concrete, 
and adds to the tensile strength at the bottom of the slab, particularly in cold conditions. 
The composite deck was considered heated from below therefore the bottom perimeter 
was directly exposed to heating while the upper part of concrete slab was supposed to be 
in cold conditions through all the duration of the fire. The fibre model used to discretize 
one portion of the composite slab as well as the boundary conditions adopted for thermal 
analysis is shown in Fig.5-13: 
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Fig.5-13. Fibre model of the composite slab and boundary conditions for thermal analysis 
The distribution of temperature in the cross-section of the composite deck after 15 and 
30 min of fire exposure is shown in Fig.5-14 while the average values of temperature in 
different parts of the steel sheet and in the upper layer of the concrete slab are shown in 
Table 2-C: 
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Fig.5-14. Distribution of temperature in the cross section of composite slab after 30 and 60 min 
Time of fire 
exposure [min] t=15 min t=30 min t=60 min 
Temperature of Lower 
Flange [°C] lf 501,8θ =  lf 737,1θ =  lf 911,7θ =  
Temperature of Steel 
Web [°C] web
438,6θ =  web 685,2θ =  web 879,4θ =  
Temperature of Upper 
Flange [°C] uf
370,1θ =  uf 613,7θ =  uf 811,5θ =  
Temperature in the 
upper layer of 
concrete slab [°C] 
c 20,5θ =  c 31,5θ =  c 84,6θ =  
Table 2-C. Distribution of temperature in the cross section of composite slab 
From the distribution of temperature it is possible to observe that the composite slab is 
subjected to very high thermal gradients; the temperature in the different parts of the steel 
sheet builds up very quickly especially in the lower flange which reaches a temperature 
higher than 400°C before 15 min. On the contrary, temperature in the concrete slab 
increases quite slowly; due to its elevated thickness, the upper layers of concrete have a 
temperature inferior to 250 °C even after 60 min. The distribution of temperature at the 
mid-line centre of the composite slab is shown in Fig.5-15: 
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Fig.5-15. Distribution of temperature at the mid-line centre of composite slab 
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The composite beam 
Thermal finite element model and boundary conditions of the composite beam are 
shown Fig.5-16. The profiled shape of the deck is maintained; the reason for the more 
complicated analysis was to achieve a realistic temperature distribution. 
Symmetry was used about the beam centreline and no boundary conditions was 
applied to it, since any boundary surface of the thermal analysis that does not have an 
associated boundary temperature is assumed to be a line of symmetry; all the isotherms 
are perpendicular to these surfaces. 
All the beams were considered heated from three sides and the top of the slab was 
exposed to a constant temperature of 20°C. 
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Fig.5-16. Finite element model and boundary conditions of main composite beam 
This type of thermal exposure from three sides simulates a fire acting on only one floor 
at a time. This provides a high thermal gradient through the section where the steel 
temperatures are a lot higher than the concrete temperatures due to the relative thermal 
properties of the two materials. Of course this happens only during the fire growth stage 
while in decay phase the steel will cool very quickly with respect to concrete and this will 
introduce new force and axial load into the analyzed structure. Anyway, no cooling phase 
behaviour was taken into account in present analysis. 
In the design of the composite beam, particular attention was paid to the disposition of 
the steel sheeting with respect to the beam’s upper flange in order to have the upper 
flange fully in contact with the concrete slab; in this way the upper flange is “cooled” by the 
presence of concrete therefore reaching lower temperatures. 
The distribution of temperature at mid line centre of composite beam in 
correspondence of 15min, 30 min and 60 min of fire exposure is shown in Fig.5-17: 
5. Fire design and performance evaluation of a Composite Moment Frame 
- 146 - 
0
0,05
0,1
0,15
0,2
0,25
0,3
0,35
0,4
0,45
0,5
0,55
0 100 200 300 400 500 600 700 800 900 1000
Temperature [°C]
H
ei
gh
t [
m
]
 
Fig.5-17. Distribution of temperature at mid line centre of composite beam 
For the steel beam, the effective distribution of temperature obtained by thermal 
analysis with the finite element model (solid lines) is compared with the values determined 
by the iterative procedure given in EC4-1.2 (dotted lines). The values of temperature were 
compared at the level of lower flange, web and upper flange which in the simplified 
procedure are considered at uniform temperature. The Code’s methodology provides an 
acceptable estimate of the temperature in the lower flange since the earliest stages of fire. 
The temperature in the web and in the upper flange is a little bit over-estimated, due to the 
substantial high thermal gradients along the beam height; such a difference tends to 
diminish with the increasing of temperature when the steel section tends to reach the gas 
temperature going towards a uniform distribution. After 60 min the numerical model and 
the simplified Code procedure yield quite the same values of temperature and the 
assumption that the bottom flange and the web have the same temperature is quite 
acceptable. Anyway, since the values obtained by the Code are higher it means that its 
assumptions are conservative but on the safe side. 
The evolution of temperature with the time of fire exposure for lower flange, web, upper 
flange and steel-reinforcement is shown in Fig.5-18. 
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Fig.5-18. Evolution of temperature in correspondence of different parts of the steel beam  
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The distribution of temperature in the beam’s cross section after 30 and 60 min of fire 
exposure is shown in Fig.5-19: 
FI LE: H1094mesh-F ISO
NODES:  1542
ELEMEN TS: 1390
SOLIDS PLOT
TEMPER ATURE PLOT
TIME: 1800 sec
821,90
741,93
661,96
581,99
502,02
422,05
342,08
262,11
182,14
102,17
22,20
FI LE: H1094mesh-F ISO
NODES:  1542
ELEMEN TS: 1390
SOLIDS PLOT
TEMPER ATURE PLOT
TIME: 3600 sec
941,20
852,06
762,92
673,78
584,64
495,50
406,36
317,22
228,08
138,94
49,80
Fig.5-19. Distribution of temperature in the composite beam after 30 and 60 min of fire exposure 
The same distribution of temperature shown in Fig.5-19 applies to all the composite 
beams’ cross sections presenting different values of the effective with of concrete slab 
because of the fact the temperature distribution in the ribs and in the concrete slab is the 
same regardless of the distance from the mid-line centre of the cross-section. 
The composite column 
Finite element model and boundary conditions for a quarter of the composite column 
cross section are shown in Fig.5-20. Both the internal and the external columns were 
considered as uniformly heated. 
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Fig.5-20. Finite element model and boundary conditions of composite concrete filled column 
The distribution of temperature at mid-line of the composite column after 15, 30 and 60 
min of fire exposure is shown in Fig.5-21.  
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Fig.5-21. Distribution of temperature at the mid-line centre of composite column 
The temperature in the steel tube is uniform over the thickness and reaches quite high 
values since the early stages of fire; the part of concrete filling in contact with the steel 
tube is subjected to a high thermal gradient due to the different values of the coefficient of 
thermal expansion for the two materials. The inner concrete core maintains quite low 
values of temperature through all the duration of the fire; if we consider that up to 250°C, 
concrete maintains its full strength, it is possible to see that even after 60 min of fire 
exposure only the first layer of concrete presents an higher value of temperature and this 
means that the column retains most of its strength for all the duration of the fire thus 
showing its inherent good fire resistance. 
The distribution of temperature in the composite column in correspondence of different 
times of fire exposure is shown in Fig.5-22. 
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Fig.5-22. Distribution of temperature in the composite column after 30 and 60 min 
It’s very important making an accurate estimate of the distribution of temperature 
especially in the layers of concrete closer to the exposed surface because it can help in 
deciding the most suitable position for the steel re-bars. In present case, they were 
positioned in such a way that their temperature resulted quite far from 400 °C even after 
60 min of fire exposure meaning that steel re-bars maintain their full strength. 
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5.4.2 Mechanical analysis of the composite MRF 
The composite cross-sections analysed as discussed in previous sections, were then 
used to make up structural beams and columns for the analysis of the complete frame. 
The elements of the thermal analysis cross-sections are extended out of plane to form 
long strings for structural analysis. Each material’s thermal degradation is determined by 
making use of both the temperature profile obtained from thermal analysis and the 
assigned ambient structural properties.  
The behaviour of the whole main moment frame was analysed by performing a global 
analysis on a planar frame model. In this way it was possible to take into account the 
effects of interaction between the different parts of the structure; in particular the thermal 
restraint offered by the parts of the structure remaining at ambient temperature was 
considered. The presence of compartments considered at uniform temperature was 
included in the model by means of a suitable choice of the fire design scenario and the 
global stability of the frame with respect to design actions was checked. 
When building the model for structural analyses the main goal was to adequately 
represent the key structural behaviour; therefore, particular attention was paid to the 
following issues: identification of the main load carrying mechanisms, adequate 
representation of the stiffness of both the structure and the restraints, assessment of the 
sensitivity of the developed model with respect to some key variables and finally its 
consistency with the fundamental principles of structural mechanics. 
Coming both from structural considerations and from observations at the Cardington 
fire tests (explained in Chapter 3) some of the phenomena to be focused in the model 
were: geometric and material nonlinearity in all members, connection behaviour, column 
behaviour, effect of different temperature profiles through structural members and finally 
assumed boundary conditions.  
Before starting with mechanical analysis of the complete frame, a sensitivity study was 
conducted in order to observe the influence of the discretization of beam and column 
elements on the obtained results. 
The empirical rule according to which the length of the beam element has to be more 
or less the same as the beam’s height was proved to be true. In fact, reducing the 
dimension of the beams’ elements under certain values didn’t yield acceptable results 
because of the fact that the beam elements become excessively rigid thus losing their 
flexural behaviour.  
In present analysis, the whole structure was modelled with 180 beam elements as 
shown in Fig.5-23; this number resulted good enough to obtain satisfactory results. 
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Fig.5-23. Finite element model and support conditions for mechanical analysis 
An important choice to be made when building the model for structural analysis 
concerned the position to be assigned to the node line centre of the beams’ elements 
[Welsh et al., 2001]. 
First of all, the position of the elastic neutral axes for different beams cross sections 
was determined by hand calculation taking into accounts the mechanical properties of 
cross sections at ambient temperature; then an elastic neutral axes was also numerically  
determined. The numerical neutral axes was found by adjusting the support height that is 
the position of the node line centre of the composite beam and then running a structural 
pin-roller analysis in cold conditions. The procedure was repeated until the pre-defined 
position of the node line centre and the numerical neutral axes position coincided. The 
obtained results were in good agreement therefore the elastic neutral axes at ambient 
temperature was chosen as line of thrust in present analyses. 
Three different kinds of cross sections were used for the composite beams depending 
on the values of the effective width of concrete slab and on the longitudinal reinforcement 
placed in the slab; while only one kind of cross section was introduced for the composite 
columns. 
Another important step concerned the choice of the design fire scenario which of 
course has to represent the most severe boundary conditions for the structure. It is known 
in fact, that depending on which are the heated parts in a structure, and the global 
behaviour may change significantly. Several choices were possible for what concerns the 
position of compartments affected by the fire spread involving the whole floor at different 
heights as shown in Fig.5-24. In order to have an idea of the most severe conditions 
preliminary analysis were developed for each situation and at the end the scenario taking 
into account fire spreading at the first level (named as FB) was chosen and used as study 
case in all subsequent analysis.  
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Fig.5-24. Possible design fire scenarios for the composite frame 
No spreading of fire was assumed through different compartments and besides thanks 
to the composite slab complying with both the insulation and integrity criteria it was 
assumed that fire could not spread between two adjacent floors.  
Static loads were applied in order to comply with dispositions given in EC1-1.2 
assuming fire limit state design. Permanent and accidental actions coming from 
secondary beams where assigned as pointed loads acting on the main composite beams, 
while self-weights of both columns and main beams were assigned as uniformly 
distributed loads. Loads were combined according to two main combinations taking into 
account accidental loads and wind as the main leading variable action; coefficient to be 
used in the combination of actions were taken according to the dispositions given in 
EC1.1.2 for category B office buildings.  
In order to assess the conditions of failure for the frame, results coming from the 
analysis were evaluated with reference to a suitable criterion. Of course there are no any 
predefined choices, anyway some of the most used may include: a limit on the maximum 
displacement in order to ensure compartmentation is maintained, protection of fire-fighting 
shafts and protection of escape routes, the attainment of the overall stability of the 
structure or a limit on the maximum strains in the reinforcement.  
In this case, in order to assure that the time of failure occurred in the simulations 
corresponded to some physical phenomena happening in the frame elements and not to 
numerical instabilities; a great effort was made to identify the formation of a plastic 
mechanism leading to failure. To this purpose, the evolution of stresses in different parts 
of the identified critical cross-sections of both beams and columns elements was carefully 
examined and related to some global behavioural phenomena happening in the frame at 
some relevant times during the fire exposure.  
Besides, a very useful and practical tool was developed by means of a purpose written 
FORTRAN77 code allowing for the determination of the interaction domains for composite 
cross-sections at elevated temperatures. In this way, a quick check on the ability of cross 
sections to sustain loads during fire exposure was possible taking into account the 
interaction between axial force and bending moment which in case of fire is of relevant 
importance not just for the columns but for the beam elements as well.  
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5.4.2.1 Analysis results 
In Table 5-D the main events happening during the exposure of the composite frame to 
the ISO fire are summarized; each of them is carefully discussed in the following sections. 
Time of event 
[min] Description of the event 
Stress –  
Compression C  
or Tension T 
0 minutes  Tension cracking at top of slab at supports Tension 
3,48 – 4,18 
minutes 
Beam bottom flange at beam-to-
column joint reach proportional limit Compression 
4,88 – 5,23 
minutes 
Web at connection reach proportional 
limit Compression 
9,07 – 9,42 
minutes 
Bottom flanges at beam-to-column 
joint reach yield Compression 
9,95 minutes Bottom flange at mid-span reaches proportional limit Tension 
Web at supports reaches yield in 
compression Compression 
13,50 minutes 
Web at mid-span reaches 
proportional limit in tension Tension 
Top flanges at mid-span reaches 
proportional limit Tension 15,34 minutes 
 Bottom flange at mid-span reaches 
yield Tension 
Beam starts to carry loads in catenary 
action Tension 
17,48 minutes 
Bottom flange stresses at support 
drop to zero  
18,2 minutes Web at mid-span reaches yield Tension 
36,9 minutes Top flange both at mid-span and at supports reaches yield limit Tension 
 Formation of a beam mechanism  
Table.5-D. Time-line of the events describing the frame behaviour under fire 
The failure of the frame was reached after 36,9 minutes of fire exposure and it was 
caused by the formation of a beam mechanism in the longest span with the formation of 
three plastic hinges, two at supports and one at mid-span. Therefore, the fire resistance 
rating of the unprotected composite frame fulfilled the requirements of EC4-1.2. 
Analysis of results was focused on the parts of the frame involved into the failure 
mechanism and a great effort was paid in trying to understand all the phenomena 
developing during the different stages of fire; in particular it was observed that the 
behaviour of the heated beams may be subdivided into three phases each one governed 
by a different phenomenon and summarized as follows: 
? In the early stages of fire, when all the structural elements retain most of their 
strength the behaviour is governed by the restrained thermal elongation of the heated 
beams (see Fig.5-25). Of course, the higher is the flexural stiffness of the columns the 
more axial elongation of the beams is restrained. In this phase, the heated beams’ 
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ends tend to push apart the columns and the vertical displacements at mid-span 
increase quite slowly due to the fact that the beams are rotationally restrained at the 
connections as well. Axial compressive force increases and has the same value in both 
spans until the maximum value is reached. 
 
Fig.5-25. Restrained thermal elongation of heated beams 
? The second phase is governed by the so-called thermal bowing (see Fig.5-26). In 
this phase as the steel beam heats up it expands but since the concrete slab does not 
heat or expand as quickly, the beam bows down at mid-span, closer to the fire. In this 
case tensile forces build up in tensile stresses of the bottom flange at mid-span but 
when the bottom flange reaches the proportional limit in tension the axial stresses are 
relieved to some extent due to a quick increase in the mid-span deflection of the 
longest span. 
 
Fig.5-26. Thermal bowing 
? Finally, the last stage is governed by the so-called catenary action (see Fig.5-27) 
which is of vital importance for the surviving of the beam during the fire. In this phase 
we may say that the beam hangs up like a cable from the columns by carrying loads 
through a net tensile force. 
 
Fig.5-27. Development of catenary action 
In order to understand the structural behaviour of the frame under thermal actions, the 
identified phenomena governing the different phases were related to the evolution of both 
displacements and internal actions developing in the critical cross-sections during the 
different stages of the fire. 
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Analysis of displacements 
Vertical displacement at mid-span of the main composite beams is shown in Fig.5-28. 
The maximum displacement determined according to the deflection criterion limit as used 
in standard furnace fire test representing the time at which failure is assessed during a 
test is also shown for comparison. 
It can be noticed that in correspondence of the attainment of such deflection limit 
assessed for a single span beam with ideal pin-roller support conditions, the longest span 
beam in the frame starts to carry loads in catenary action thus doubling its fire resistance 
time. The key point in the surviving of the beam during a fire is linked to the possibility of 
development of the catenary action meaning axial tension forces in the beam. 
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Fig.5-28. Vertical mid-span displacements of the heated composite beams 
The possibility of developing axial forces in the beams is strictly related to the flexural 
stiffness of columns providing them a certain amount of axial restraint; of course, the more 
flexible is the column the higher values of horizontal displacement at beam ends are 
allowed. Horizontal displacements at the end supports of the heated beams are shown in 
Fig.5-29. Following their evolution, it is possible to distinguish the three different phases of 
behaviour. 
In the first phase the external supports are pushed out into opposite directions by the 
expanding beams until they reach their maximum value corresponding with the attainment 
of the peak axial compressive force. As the axial force in both spans is almost the same, 
the internal support has nearly zero horizontal displacements in this first phase. 
After this, the second phase governed by thermal bowing begins. At this time, the 
external supports start to move inwards and the internal support follows the longest span 
beam which quickly bows down. This relieves the axial compressive force in the beam 
until it becomes zero and from this time on the third phase governed by catenary action 
begins. It can be noticed that in correspondence of the axial force approaching the zero 
value in the longest span beam, the horizontal displacements at its supports have the 
same absolute value.  
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Fig.5-29. Evolution of horizontal displacements at the beams’ ends 
If the flexural stiffness of columns defines support conditions for the beams in terms of 
degree of axial restraint, the kind of connection defines the amount of rotational restraint. 
In the ideal case of pinned connection, no rotational restraint is provided to the beam 
while in the ideal case of fixed connection full rotational restraint is offered. 
In this case, the beam-to-column connection was designed at ambient temperature to 
be of the fully rigid and full strength type when in presence of both vertical and earthquake 
loadings, thus offering support conditions as close as possible to the ideal fully fixed ones. 
In order to have an idea of the degree of axial and rotational restraint offered both by 
the columns and the connection, the behaviour of the longest span beam in the composite 
frame (B-F) was compared with the behaviour of four single span beams of the same 
length and with ideal support conditions. The analyzed support conditions were: a) pin-
roller beam (P-R) providing nor axial nor rotational restraint, b) pin-pinned beam (P-P) 
providing axial but no rotational restraint, c) fixed-slide beam (F-S) offering rotational but 
no axial restraint and finally d) fixed-fixed beam (F-F) providing both axial and rotational 
restraint. 
The evolution of vertical displacements at mid-span for the beams with ideal support 
conditions and for the longest span beam in the frame is shown in Fig.5-30. 
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Fig.5-30. Vertical displacement at mid-span for beams with ideal support conditions 
The presence of axial restraint clearly enhances fire endurance of the composite beam; 
in fact, when no axial restraint is provided as in the case of pin-roller and fixed slide 
support conditions, the beam suffers from early run-away failure meaning uncontrolled 
vertical displacements developing soon after the phase controlled by thermal bowing. On 
the contrary, when axial restraint is present the beam has the possibility to carry loads by 
catenary action developing a tensile axial force. 
The presence of rotational restraint has much less influence in terms of fire resistance 
time of the beam being its major effect to induce relatively small vertical deflection at mid-
span at least in the early stages of fire; this is what happens for the fixed-slide and fully-
fixed beams. Anyway, after the first minutes of fire exposure they behave in a very 
different manner. In fact, in the fully fixed beam the presence of axial restraint causes 
yielding of the bottom flange at supports so that the beam becomes sufficiently weakened 
to allow for a rapid increase in deflection. On the contrary, for the fixed-slide beam vertical 
deflection maintains relatively small since the beam does not need to deflect vertically to 
relieve axial stress due to the sliding support; only when the sliding support starts to move 
back, mid-span deflection increases quickly giving start to run-away deflection to failure. 
The deflection of the pin-roller connected composite beam is very small for the first 15 
minutes if compared with the pin-pinned supported beam; after this however the deflection 
increases quickly as the run-away failure mechanism develops and the roller support is 
pulled in. For the fixed-slide beam, mid-span vertical deflection is relatively small for the 
first minutes of fire as the beam is expanding, pushing the sliding support out. Only when 
the first part of the beam reaches yield the non-linear behaviour causes mid-span vertical 
deflections to increase rapidly. When the beam fails, the slope of mid-span vertical 
deflection versus time is almost vertical meaning that the beam is experiencing run-away 
deflection and that it structurally very unstable. 
The behaviour of the composite beam in the frame resulted half way between the ideal 
cases of fixed-slide and fully fixed support conditions. For the first 10 minutes, vertical 
displacement at mid-span is almost the same as the fixed-slide beam but after this it 
increases a little bit quickly in the framed-beam; this is related to the restrained thermal 
expansion which the beam tends to accommodate by increasing mid-span deflections. 
The beam deflects outwards due to the necessity to adjust increasing axial compressive 
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forces. After 12 minutes, vertical displacement in the framed-beam is 50% more than the 
fixed-slide case and this difference is maintained until the framed beam starts to carry 
loads in catenary action while the fixed-slide beam fails because of run-away deflection. 
It’s interesting to notice that both phenomena of catenary action and run-away deflection 
start in correspondence of the same value of mid-span vertical displacement which is 
inferior to the maximum displacement criterion adopted in furnace tests.  
Analysis of internal actions 
The evolution of axial force in the heated composite beams is shown in Fig.5-31.  
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Fig.5-31. Evolution of the axial force in the heated beams 
The axial compressive force within the beams builds up very quickly as they are 
restrained against axial expansion. The axial force has the same value in both spans until 
the peak of compression is reached. At this time, the bottom flange of the beam in the 
longest span reaches the tensile proportional limit and this causes a rapid increase of the 
vertical mid-span displacements thus relieving much of the axial compression within the 
beam. After 17,48 minutes, when the axial compression force is equal to zero the sagging 
beam with the longest span (L2) starts to carry loads mainly by catenary action and it is 
characterized by a net tensile axial force. For the beam with the shortest span (L1) the 
same phenomenon is a little bit delayed with time. 
Also the evolution of bending moments of the long beam (L2) both at mid-span and end 
supports reflects the changes in the way loads are carried during the three main phases 
as shown in Fig.5-32.  
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Fig.5-32. Evolution of bending moment at supports and mid-span of beams’ longest span 
It can be noticed that for the first two phases, the ratio of the magnitude of bending 
moments at the supports compared with the mid-span is typically of the order of 2:1. This 
is similar to what is expected from a fixed frame bending moment in cold conditions. While 
the beam is heated the bending moments at the beam-to-column joint increase due to the 
P-D effects caused by the beam’s axial force; the bending moment at mid-span changes 
accordingly while maintaining the same ratio. After the bottom flange yields in tension at 
mid-span and unloads at the beam-to-column-joint, the bending moment drops 
accordingly at both ends and slower at mid-span because of the substantial reduction in 
the axial force. 
Once again, the behaviour of the composite beam in the frame was compared with the 
single span beams in ideal support conditions. The evolution of bending moment at mid-
span is shown for all cases in Fig.5-33: 
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Fig.5-33. Bending moment at mid-span of beams with ideal support conditions 
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In the pin-roller supported beam the mid-span bending moment remains constant 
through all the simulation since no P-D effects are present; this is of course due to the fact 
that no axial restraint is provided so no axial forces are induced in the beam. The 
comparison with the pin-pin supported beam clearly shows the increasing of mid-span 
bending moment due to the presence of axial compressive forces in the beam; it’s only 
when the bottom flange at mid-span yields that the beam sags rapidly, thus reducing mid-
span bending moment. In the fully fixed beam it can be noticed that after plastic hinges 
have formed at supports and the bending moment is relieved, its behaviour approaches 
the pin-pinned ideal condition with the same value of bending moment at mid-span. The 
behaviour of the beam in the frame especially in the first minutes, is quite closer to the 
ideal fixed-slide support conditions, meaning that the external column allows for 
substantial horizontal displacements. When the fixed-slide beam fails because of run-
away deflections, the catenary action phase for the beam in the frame begins. 
Analysis of the state of stress in composite cross-sections 
In order to detect the formation of possible plastic mechanism leading to failure, the 
evolution of stresses in some critical cross-sections of the frame was followed; in 
particular, the values obtained from global analysis were compared with both yield and 
proportional limits as given by the stress-strain relationships of materials at elevated 
temperatures. In this way it was possible to analyze the attainment of crucial conditions for 
the surviving of the structural elements. The attention was focused on the beam with the 
longest span (L2) and its supports since from previous considerations emerged which is 
the one in most critical conditions. The position of the analyzed critical cross-sections is 
shown in Fig.5-34. 
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Fig.5-34. Selected critical cross-sections 
For what concerns the composite beam, the evolution of stresses in the bottom flange, 
web and top flange of the steel joist as well in the upper and lower layers of the concrete 
slab was analyzed for the cross-sections at mid-span and end supports. Besides, for the 
composite columns the evolution of stresses in both the steel tube and the re-bars was 
checked at the level of top and bottom cross-sections. 
The evolution of stresses in the beam’s bottom flange is shown in Fig.5-35. The bottom 
flange stress at supports quickly increases in compression, while the top flange starts out 
in tension from cold; this means that the beam is initially subjected to large induced 
moments resulting from its restrained thermal expansion. The tensile stress in the bottom 
flange at mid-span is relieved by the attainment of the proportional limit in compression of 
the bottom flange at support thus remaining almost constant; but soon after the bottom 
flange at support yields in compression; at mid-span it reaches the tensile proportional 
limit. This point coincides with the attainment of the peak compressive strain in the beam; 
afterwards the bottom flange at mid-span continuous to yield in compression until the one 
at mid-span yields in tension. At this point the third phase governed by catenary action 
begins; stress in the bottom flange at support drop to zero while at mid-span the bottom 
flange continuous to yield in tension until failure.  
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Fig.5-34. Bottom flange stress at mid-span and at beam-to-column joint 
The evolution of stresses in the steel web at mid-span and end-supports is shown in 
Fig.5-35.  
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Fig.5-35. Web stresses at mid-span and at the beam-to-column joint 
The steel web starts out in compression at supports and in tension at mid-span, but 
soon after, because of the high compressive force it experience compression both at 
supports and mid-span. When entering the phase governed by thermal bowing 
compression stresses in the web at mid-span drop down and the web at support yields in 
compression. Tensile stress in the web at mid-span continues to increase until yield is 
reached and maintained until the end of simulation. 
The evolution of stresses in the beam’s top flange is shown in Fig.5-36. 
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Fig.5-36. Top flange stresses at mid-span and at the beam-to-column joint 
Top flange at supports start out in compression while tensile stresses at mid-span are 
quite low; compression increases until bottom flange reaches proportional limit in 
compression and then slowly decrease until bottom flange yields. At this point 
compression stresses in the top flange at supports drop down while top flange at mid-
span goes in compression. The formation of a beam mechanism happens when the top 
flange in the three critical cross-sections yields in tension at the same time; at this point 
the simulation ends. 
The formation of three plastic hinges in the long beam was detected leading to a beam 
mechanism, anyway also the state of stress in the column was checked in order to have 
an idea of their performance in fire. 
The stress in the re-bars at top end of the interior column is shown in Fig.5-37. 
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Fig.5-37. Evolution of stresses in steel re-bars for top interior column 
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The stresses in the re-bars at top and bottom end of the interior column have opposite 
signs, since the behaviour of the column is almost symmetrical. At the same time re-bars 
inside frame at the top and re-bars outside frame at the bottom yield in tension.  
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Fig.5-38. Evolution of stresses in steel re-bars for bottom interior column 
The evolution of stresses in the re-bars of top and bottom end of the exterior column is 
shown in Figg.5-39 and 5-40. 
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Fig.5-39. Evolution of stresses in steel re-bars for top exterior column 
It is evident that the state of stress in the re-bars of the exterior column is higher, and 
this is due to the fact the external beam-to-column joint is freer to move in the horizontal 
5. Fire design and performance evaluation of a Composite Moment Frame 
- 163 - 
direction. The steel re-bars placed outside frame in the column cross section reach yield 
limit in the early stages of fire because of the high compressive forces induced by the 
expanding beam, while re-bars placed in the inside frame part are in compression. When 
catenary action begins, the columns are pulled by the beam as it is put into evidence by 
the inversion of stresses. At failure, the re-bars are yielding inside frame at top column 
and outside frame at bottom column. 
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Fig.5-40. Evolution of stresses in steel re-bars for bottom exterior column 
Finally, the evolution of stresses in the steel tube for interior and exterior column is 
shown in Figg.5-41 and 5-42, respectively. 
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Fig.5-41. Evolution of stresses in steel tube for interior column 
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Fig.5-42. Evolution of stresses in steel tube for exterior column 
The state of stress in the interior column is inferior; in fact the steel tube reaches the 
proportional limit in compression at the top outside and bottom inside positions, at the 
same time when its re-bars yield in tension as shown previously. Anyway, steel tube in the 
interior column never reaches yield. 
On the contrary the steel tube in the exterior column is highly stressed at the top and 
bottom ends both in tension and compression since the early stages of fire when yield is 
reached. Anyway, soon after the state of stress decreases and the values at the top and 
the bottom change sign in correspondence of the beginning of the catenary action in the 
composite beam. 
After a careful examination of the state of stress in the critical cross-sections it was 
possible to conclude that while the long beam fails due to a partial mechanism, the global 
stability of the whole frame was not compromised tanks to fact that the columns preserved 
sufficient integrity until the end of the simulation. 
In the following the determination of interaction curves at elevated temperatures is 
described in details and afterwards it is applied to the study case as a practical means of 
assessing the capacity of structural elements in the frame to sustain loads in the fire 
situation. 
5.4.2.2 Determination of interaction curves at elevated temperatures 
Some of the main assumptions used for the determination of the M-N interaction 
curves at elevated temperatures for composite cross sections are the same as used for 
the determination of the same curves at ambient temperatures and for ordinary reinforced 
concrete cross-sections [Migliacci et al.,1983,1985]. In fact, in present study the presence 
of concrete in tension was neglected while the behaviour of structural steel was 
considered the same both in tension and compression and finally cross-sections were 
considered to remain plain after the deformation (Bernoulli hypothesis).  
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The same situation applies also in presence of elevated temperatures, if the simplifying 
assumption of considering a uniform distribution of temperature over the cross-section is 
made. Of course, there may be practical situations in which such simplification appears to 
be realistic, for instance in the case of uniformly heated bare steel sections in which the 
rise in temperature is quite fast and thermal gradients are small. But, there are other 
situations in which such an assumption becomes totally unacceptable and this mostly in 
the case of non-uniformly heated composite steel-concrete sections in which thermal 
gradients are usually very high mainly due to the different values of the coefficient of 
thermal expansion for the two materials. 
Therefore, as a general assumption a non uniform distribution of temperature over the 
cross-section has to be adopted. The main consequence to this fact is the necessity of 
considering a different stress-strain relationship at each node of the discretized cross-
section. In fact, if the evolution of the effective distribution of temperature over the cross-
section is considered, the values of temperature at each node are different for each 
considered time-step and in each position of the cross-section. In present study, the 
evolution of temperature at each node during the fire was obtained by performing a 
thermal analysis as described in section 5.4.1 of the present Chapter. The adopted 
heating curve is the ISO834 Standard. 
Allowance was made for the variation of mechanical material properties with 
temperature according to the stress-strain relationships given in Code and described in 
section 5.2. 
For ordinary structural materials which are characterized by a monotonic non-
decreasing stress-strain relationship, the points making the M-N interaction curve 
represent a configuration of ultimate strain for the material. Therefore, knowing the stress-
strain relationship and the values of strain at each node, it is possible to determine the 
corresponding values of stress for each material. Once the stresses are known, the values 
of the couple M;N⎡ ⎤⎣ ⎦  are obtained by integration over the whole cross-section. 
When dealing with highly non-linear stress-strain relationships whose characteristic 
values of stress and strain vary with temperature, the difficulty of the problem highly 
increases. In fact, even if the value of temperature are fixed, in the case of the constitutive 
law of concrete (see Fig.5-8), there is not a unique value of strain corresponding to any 
given stress. Besides, if also changes in temperature are allowed, for any given value of 
strain there may be several corresponding values of stress, each one of them selected on 
the appropriate s-e curve with T=const. 
Therefore, in order to determine the interaction curves for composite steel-concrete 
sections at elevated temperatures it was not possible to follow the usual approach which 
consists in assigning the ultimate value of strain to the extreme fibre of the cross-section. 
The main parameters adopted to solve the problem were: 
? The position of the neutral axes, neuY  with respect to a pre-defined origin 
? The rotation of the cross-section ϑ  with respect to a pre-defined plane  
The origin of vertical distances was chosen to coincide with the node-line centre of the 
cross-section used to perform thermo-mechanical analysis with SAFIR, while for the 
variation of the two main parameters the following range was chosen: 
⎡ ⎤⎡ ⎤⎣ ⎦ ⎣ ⎦ϑ ϑneu neumin ;max x min ;maxY Y .  
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By making use of the above mentioned stress-strain relationships, it was possible to 
create a univocal correspondence between the couples ⎡ ⎤⎣ ⎦ϑneu ;Y  and ⎡ ⎤⎣ ⎦M;N ; 
consequently, for each assigned value of the position of the neutral axes neuY  and by 
letting the angle ϑ  vary in its pre-defined range, it is possible to obtain all the couples 
⎡ ⎤⎣ ⎦max corrM ;N  or ⎡ ⎤⎣ ⎦corr maxM ;N  in which one of the two effect of actions assume the maximum 
value and the other the corresponding one. After all the values are obtained they have to 
be compared and reduced to the following four couples: ⎡ ⎤⎣ ⎦max corrM ;N , ⎡ ⎤⎣ ⎦corrminM ;N , 
⎡ ⎤⎣ ⎦corr maxM ;N  and finally ⎡ ⎤⎣ ⎦corr minM ;N . 
When using the stress-strain relationships for concrete including the softening branch, 
several problems of numerical instabilities were encountered. Since EC2.1-2 offers 
different possibilities for the representation of the softening branch, it was decided to 
adopt a constant value equal to the peak stress, while leaving the temperature dependent 
ultimate strain unchanged and thus helping in stabilize the solution. Besides, making such 
a choice had the considerable advantage of guaranteeing the convexity of the interaction 
domain thus helping in the choice of the admissible values of the obtained ⎡ ⎤⎣ ⎦M;N  couples. 
Description of the numerical procedure 
An external file is read by the main programme containing the following information: 
? Number of nodes in the cross-section 
? Number of elements in the cross section 
? Number of time steps 
The values chosen for time step are the same as used when performing thermal 
analysis of the cross-section with SAFIR. In fact, to each defined value of the time step t 
correspond a temperature value T on the heating curve and a temperature distribution 
over the cross section; in this way the evolution of temperature with time for each node of 
the cross section was determined.  
Other input data are the followings: 
? Range of variation of neutral axes neuY , maxmin ,Y Y⎡ ⎤⎣ ⎦ and number of subdivisions 
? Range of variation of rotation angle ϑ , maxmin ,⎡ ⎤⎣ ⎦ϑ ϑ and number of subdivisions 
? Coordinates of nodes 
? Joint connectivity of the elements with the assigned type of material 
? Values of temperature at each node at each time step in the chosen interval 
The discretization of cross-sections into fibre elements is the same used in SAFIR to 
perform thermo-mechanical analysis. 
After the required input data are read the main programme starts with the first cycle of 
iteration corresponding to first time step in the time interval. The initial position of both the 
neutral and the angle of rotation is posed equal to the inferior limit in the pre-defined 
range, therefore =neu minY Y  and ϑ= ϑmin . 
The value of strain is determined at each node by making use of the following: ( ) ( ) ( )ε = ϑ − neunii sin Y Y . Once the strain is known, the corresponding values of stress are 
determined by making use of the stress-strain relationships. 
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When determining the values of stress, the main programme calls for each material a 
specific subroutine whose input parameters are the material number and the actual value 
of temperature. Once the stress is known at each node, it is possible to determine the 
contribution of each fibre element to axial force and bending moment and finally by 
integrating over the whole cross-section, the global values are obtained. 
Afterwards, a new cycle begins corresponding to the next value of the time step t=t2 
and of course to a new distribution of temperature over the cross-section; each operation 
is repeated until the last value of time step, corresponding with the end of thermal 
analysis.  
5.4.2.3 Application of interaction curves at elevated temperatures to composite 
sections 
By making use of the interaction curves at elevated temperatures as determined in 
previous section, the load-bearing capacity in fire of composite cross-sections of the 
analyzed frame was checked and compared with the effects of action coming from global 
analysis of the frame. 
The representation of domains at elevated temperatures, together with the point 
expressing the values of external actions has the same meaning as at ambient 
temperature but with the difference that both the domain and the external actions change 
with time. Therefore, in order to understand their evolution it was necessary to represent 
them at different times of fire exposure. 
At the first time step, corresponding to ambient temperature, the domain has its 
maximum dimension and the point inside the frontier represents the value of external 
actions applied to the cross-section at that time. Afterwards, with the increasing time of 
fire exposure, the domain reduces in dimension while maintaining its shape unchanged. 
Correspondingly, the point representing the actual state of external actions moves; if the 
point is inside the domain it means that the cross section is able to equilibrate the external 
actions and conversely positions external to the domain represent unacceptable states. 
Finally, if the point belongs to the frontier, it means that the cross-section is experiencing a 
limit condition in which is deforming while maintaining a constant state of stress that is 
what is commonly addressed as a plastic hinge. 
Interaction curves at elevated temperatures were determined for the cross-sections at 
supports and mid-span of the longest span beam and at the top exterior column (see 
Fig.5-44). Such representation is shown in Figg.5-45 and 5-46 and 5-47, respectively. In 
each case, the interaction curve is compared with the evolution of external actions coming 
from the global analysis of the frame. 
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Fig.5-44. Critical cross-sections of the composite beam 
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Time=1 minute 
The domain has its maximum dimension and 
the point representing the values of external 
actions is inside. 
 
Time = 10 min
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Time=10 minutes 
For the first 10 minutes of fire exposure the 
behaviour is governed by restrained thermal 
elongation, until the peak compressive force is 
reached. Hogging bending moment increases 
as well and the dimension of domain undergo 
small restrictions. The point representing the 
value of actions belongs to the boundary. 
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Time=17 minutes 
Axial force in the beam is zero and the hogging 
bending moment is decreasing as well. From 
this time on, the third phase governed by 
catenary action begins. 
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Time=20 minutes 
Axial tensile force is developing in the beam, 
assuming higher values while hogging bending 
moment is decreasing. For the first time the 
point is not on the frontier any more. The 
domain has undergone further reduction.  
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The same situation of the previous step applies, 
with increasing restrictions of the domain and 
decreasing values of the effect of actions. 
Fig.5-45. Evolution of the interaction curve and of the internal actions for the cross-section at supports  
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Time=1 minute 
The domain has its maximum dimension and 
the point representing the values of external 
actions is inside. 
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Time=10 minutes 
Compressive axial forces decreases and the 
phase governed by thermal bowing begins. 
The dimension of domain is slightly reduced 
and the point representing the external actions 
is still inside, quite far from the boundary. 
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Time=17 minutes 
The axial force is approaching the zero value. 
The domain has undergone further restrictions 
and the point representing the external actions 
is approaching to the boundary.  
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Time=20 minutes 
The behaviour is now governed by the 
catenary action as shown from the axial tensile 
force in the beam. The sagging moment at 
mid-span is now decreasing. 
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Finally, while the beam is bearing loads in 
catenary action, the point representing the 
value of actions is on the frontier. 
 
Fig.5-46. Evolution of the interaction curve and of the internal actions for the cross-section at mid-span 
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The domain has its maximum dimension and 
the point representing the values of external 
actions is inside. 
For the first 10 minutes of fire exposure the 
behaviour is governed by restrained thermal 
elongation, until the peak compressive force 
is reached. Axial compressive force maintains 
a constant value and sagging moment is 
increasing. 
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Compressive axial force is still constant, and 
the domain has undergone very small 
restrictions confirming the inherent good fire 
resistance of the concrete filled structural 
type. The point representing external actions 
is inside the domain.  
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Time=30 minutes 
Axial compressive force is still constant and 
also the hogging bending moment has small 
variations. 
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The situation is almost unchanged and the 
point representing the value of actions from 
global analysis is still inside the boundary, 
meaning the composite column is safe 
through all the duration of the fire. 
Fig.5-47. Evolution of the interaction curve and of the internal actions at the top-exterior column 
Concluding, from the examination of the results coming from the thermo-mechanical 
analysis of the frame it was possible to assess that failure happened because of the 
formation of a beam mechanism in the longest span involving the formation of three 
plastic hinges, two at supports and one at mid-span. 
The analysed composite frame showed a very good inherent fire resistance being able 
to sustain fire for nearly 40 min before collapsing even if unprotected. 
5. Fire design and performance evaluation of a Composite Moment Frame 
- 171 - 
5.5 3D thermal analysis of the beam-to-column connection 
A number of researchers have demonstrated the potential significance of connections 
in fire. However, because of lack of experimental data this problem is inadequately 
addressed in current design codes and the effective use of numerical models is limited. 
For the time being, only very limited quantitative data is available for connections at 
elevated temperatures. 
Leston Jones [Leston et al., 1997] studied the moment-rotation characteristic of small-
scale connections at elevated temperatures and proposed a component-based model for 
flush end-plate connections, as both bare steel and composite. Al-Jabri [Al Jabri et al.,] 
developed a series of elevated temperature tests for flexible end-plate connections in 
order to study the influence of parameters such as member size, and-plate type and 
thickness on the connection response in fire. The configuration tested included three 
which were typical of those used in the composite-framed test building at Cardington and 
for each group of tests a family of moment-rotation-temperature curves was obtained. For 
what concerns finite element analysis Liu [Liu, 1999] developed a sophisticated three-
dimensional finite element model in order to simulate the response of various types of 
connection in the fire event.  
In trying to understand the behaviour in fire situation of the kind of connection 
described in Chapter 4, several problems were met. The connection to circular concrete 
filled columns in fact increase the complexity of individuating the different components and 
their behaviour; besides the analysis of moment connections designed for seismic 
application requires the study of additional force transfer mechanisms also in the fire 
situation. An additional problem in the study of the fire performance of the proposed kind 
of connection is due to the complete lack of test data for what concerns the behaviour of 
welding at elevated temperatures. 
For the time being, no works are present in the literature studying the behaviour in fire 
of seismic resistant composite connections with circular concrete filled columns; the 
European Research Project PRECIOUS aimed at this objective and within the framework 
of this project a tri-dimensional model of the composite connection was developed in order 
to determined the temperature distribution in each component. Furnace tests are now on 
going at the British Research Establishment testing facility on a full-scale specimen. The 
objective of tests is both to find the effective temperature distribution in different parts of 
the connection and to simulate the effects of earthquake loadings inducing a pre-defined 
damage on the specimen. As soon as test data will be available a calibration of the 
numerical model will be possible, anyway analyzing the results of the numerical simulation 
gives an idea of the thermal response of the connection as shown in the following 
sections. 
5.5.1 Description of the model 
The 3D finite element model of the joint is shown in the pictures below (see from 
Figg.5-49 to 5-50). 
Due to the presence of the vertical plate, welded on one side of the beam’s web, the 
joint has only one plane of symmetry (if the internal joint is considered). Anyway, in order 
to reduce the number of finite element and as a consequence the time needed for 
calculation, it was decided to model just ¼ of the joint all the same, considering a vertical 
plate half of the thickness of the real one as if there is another vertical plate on the other 
side and so restabilising perfect symmetry.  
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The material properties of both concrete and steel are supposed to vary with 
temperature according to the constitutive laws given in EC2-1.2 and EC3-1.2. 
In present analysis welding are not modelled as well as the steel re-bars in the 
composite slab and in the composite column. Besides, the steel sheeting is neglected for 
sake of simplicity since at least for thermal analysis neglecting its presence doesn’t affect 
the temperature distribution. 
 
Fig.5-49. 3D finite element model of the beam-to-column joint 
The heating curve is the ISO834 Standard. The fire acts on all the parts of the structure 
below the concrete slab, while all the parts above it are supposed to remain at ambient 
temperature (20 °C). Applied boundary conditions are shown in Figg. from5-48 to 5-50. 
Fig.5-48. Boundary conditions (zoom on the joint) 
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Fig.5-49. Boundary conditions (upper part) 
The top layer of composite slab and the part of the column above it stay at ambient 
temperature conditions for all the duration of the fire (see Fig.5-49). A detail of the heated 
part below the slab is shown in Fig. 5-50. It is possible to observe that the heating 
conditions applied to the top surface of the superior plate and to the bottom slab above it, 
treat them as a matter of fact as they were thermally independent. This is of a course a 
gross approximation included in this preliminary analysis. 
Fig.5-50. Boundary conditions (zoom on the joint) 
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5.5.2 Temperature distribution in joint components 
In the present section the distribution of the temperature in the different components of 
the beam-to-column connection is presented. This is a preliminary analysis in order to 
have an idea of which are the parts most affected by heating meaning that lose their 
strength and stiffness earlier than the others. This of course can offer a first insight into 
the possible thermo-mechanical behaviour of the connection. The selected components 
are the same as defined in section 4.4.1 of Chapter 4. 
The distribution of temperature in the inferior horizontal plate is shown in Fig.5-51. 
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Fig.5-51. Distribution of temperature in the horizontal inferior plate – Top view 
The distribution is almost uniform over the thickness and this is due uniform heating 
conditions over the surface of the plate, therefore the values of temperature may be 
reasonably approximated as the ones at medium thickness. Temperature decreases from 
the external edge towards the composite column and of course in the parts were the 
inferior plate is welded to the beam’s inferior flange temperatures are a little bit lower, at 
least until 30 minutes of fire exposure. The evolution of temperature in the horizontal 
inferior plate along the specified cross-section is shown in Fig.5-52. 
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Fig.5-52. Distribution of temperature in the horizontal inferior plate – Section A-A 
5. Fire design and performance evaluation of a Composite Moment Frame 
- 175 - 
It is possible to observe that the temperature is quite high in fact after 15 minutes it is 
above 400°C which is the referring temperature above which structural steel begins to 
lose its strength; after 30 min the temperature is almost uniform and far above 700°C even 
in the proximity of the column.  
Because of the applied boundary conditions, the distribution of temperature in the 
superior plate is almost the same (see Fig.5-53) but in reality the applied boundary 
conditions in this case are probably too severe. In fact the superior face was considered 
as directly heated but in reality there is the presence of the composite slab above it 
allowing for a certain degree of protection. In fact in the cavity included between the 
superior plate and the concrete slab a sort of shadow effect should be considered. 
Anyway no any predefined gas temperature would be suitable to describe such a 
boundary condition therefore this would be one of the important points to be covered 
thanks to the results obtained from experimental data.  
Y
Fig.5-53. Distribution of temperature in the horizontal inferior plate – Section A-A 
An important component of the connection is represented of course by the vertical 
through column plate which was designed at ambient temperature mainly to carry shear 
actions coming from the composite beam. The distribution of temperature is shown in 
Fig.5-54. 
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Fig.5-54. Distribution of temperature in the vertical plate outside and inside column 
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It’s interesting to observe how the presence of the vertical plate perturbed the field of 
temperatures inside the column at least in the connection region, but at a distance which 
is almost half of the vertical plate height such perturbation has completely disappeared. 
The distribution of temperature in the vertical plate along its length from inside to 
outside the column along the prescribed section is shown in Fig.5-55. 
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Fig.5-55. Distribution of temperature in the vertical plate outside and inside column 
As it was expected the vertical plate is subjected to a very high thermal gradient along 
its length when passing from outside the column into the concrete core; in fact, all the 
exterior part has a temperature higher than 400°C soon after 15 minutes of fire exposure. 
 
.
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5.6 Conclusive remarks 
In this Chapter the thermo mechanical analysis of the complete frame is described and 
carefully explained aiming at assessing the fire resistance rating of the structure together 
with the collapse mechanism leading to failure. To this purpose the analysis of the 
evolution of displacements and of the state of stress in some pre-defined critical cross-
section was examined and the interaction curves at elevated temperatures were 
determined. 
The main findings from the analysis can be summarized as follows: 
? Simple calculation models provided by the Code confirmed an highly 
conservative nature and the fact that their adoption leads to uneconomical design. This 
is mainly due to the gross approximation of considering the behaviour of isolated 
structural members without properly representing the effective restraint conditions 
offered by the surrounding structure. In the present case the in fact, the fire resistance 
rating of the composite beam determined according to the Code resulted of just 15 
minutes which is very far from the nearly 40 minutes of fire resistance obtained when 
performing the analysis of the complete frame. 
? The behaviour of the unprotected composite frame designed to sustain seismic 
actions resulted really satisfactory, revealing good fire resistance rating and quite 
stable global behaviour. The failure was assessed by the formation of three plastic 
hinges in the long beam at the second level leading to a partial mechanism but without 
involving an extensive structural collapse. This kind of failure mode is representative 
[Wastney, 2002] of structures characterized by columns having a flexural stiffness 
comparable with that of the beams. On the contrary, if columns exhibit a great deal of 
flexural stiffness with respect to the connected beams, their stability may be 
compromised by the formation of plastic hinges due to the presence of high bending 
moments. When analyzing the beam in the frame and the isolated beams with ideal 
support conditions it was shown that the beam with fixed-slide restraint offered the best 
approximation of the behaviour of the beam in the frame. This until the beginning of the 
third phase governed by catenary action in which the presence of columns, even if with 
very low flexural stiffness is vital to avoid run-away failure. Anyway, results from the 
analysis confirmed that the flexural stiffness of the column was comparable with that of 
the beam allowing for substantial horizontal displacement during the phase governed 
by restrained thermal elongation of the beam. It seems that the flexural stiffness of 
columns it’s an important parameter in fire design as well, or to say it better the relative 
stiffness between beam and column elements has a great influence on the response of 
the heated members. Therefore, it would be interesting to develop parametric analysis 
in order to correlate the required flexural stiffness for columns in order to satisfy EC8 
requirements at SLS with the flexural stiffness required in the fire design situation in 
order to avoid the formation of plastic hinges in the columns.  
? The adoption of the Standard fire curve and of fully heated compartments of 
course represented much more severe boundary conditions with respect to the real 
situation. For this reason it would be suitable to perform the same analysis by using a 
natural fire curve considering also the cooling phase. It cannot be said for sure but the 
adoption of more realistic fire heating conditions might reveal that the fire resistance 
rating of the frame is higher than that obtained by using the Standard curve. 
? The behaviour of concrete filled columns confirmed their inherent good fire 
resistance thus promoting their use as a practical way of avoiding fire protection and 
allowing for more cost-effective design solutions.  
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Chapter 6 
Post-earthquake fire performance of a composite 
Moment Frame 
6.1 Introduction 
The composite Moment Frame adopted as study case in this work was first designed to 
comply with both EC4-1.1 and EC8-1.1 requirements (Chapter 4) and afterwards its 
performance was evaluated considering also fire loadings (Chapter 5). In a first phase, the 
two accidental actions were considered to act independently in order to better understand 
the implications of seismic design of a building with respect to its structural fire 
performance in undamaged conditions. 
However, as it was discussed in Chapter 1, most of the times fire is a direct 
consequence of earthquake hazard and therefore fire after-earthquake is a design 
scenario that cannot be overlooked. The general assessment of a post-earthquake fire 
risk evaluation strategy is a multidisciplinary task implying the consideration of manifold 
factors and requiring the expertise of many people.  
In a post-earthquake fire situation, there are many possible sources of additional risk 
for the safety of a building structure most them contributing to a substantial delay in the 
intervention of the fire brigade such as: obstruction of access roads caused by collapsed 
buildings in streets, difficulties in water supply or concomitance of multiple fires with high 
risk of conflagration. 
Besides, during the earthquake the structure, itself has suffered some inevitable 
damage thus resulting more vulnerable to a subsequent fire; therefore it becomes of 
relevant importance to assess the post-earthquake structural fire performance of a 
building structure. Within this framework, the estimate of seismic induced damage 
becomes one of the main concerns and its extension is strictly dependent both on the 
adopted seismic design methodology and on the severity of the ground motion.  
In this Chapter, the post-earthquake fire resistance of the composite moment frame 
object of this study is evaluated and discussed. In order to assess the seismic induced 
structural damage ten inelastic dynamic analyses (IDA) were performed in 
correspondence of different accelerogram with the same PGA of the design earthquake. 
Besides, additional post-earthquake fire design scenario were considered and in each 
situation the fire resistance rating of the frame was determined. The dynamic analyses 
included in this part are acknowledged to Dr. Braconi. 
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In the framework of what was done for steel moment frames [Della Corte et al.,2003] 
two interrelated types of damage were introduced: the geometrical damage and the 
mechanical damage. The geometrical damage was expressed in terms of the maximum 
residual inter-storey drift while the mechanical damage was introduced by considering a 
suitable hysteretic rule for plastic hinges in the beam elements obtained by experimental 
tests. 
Besides the definition of the equilibrium of the structure in the post-earthquake state, 
other possible sources of damage following in a post-earthquake fire design scenario 
were investigated including the debonding of the steel sheeting from the concrete slab 
and the possibility of simultaneous fire spreading at different locations.  
The effects of each damage typology on the fire resistance rating of the composite 
frame were evaluated and discussed separately. Therefore, three case studies were 
presented: a) debonding of the steel sheeting from the concrete slab, b) simultaneous fire 
spreading in two adjacent compartments and c) presence of structural damage given in 
terms of residual inter-storey drift displacements. 
6.2 Seismic induced damage 
Post-earthquake fire resistance of structures depend on a large number of factors and 
its evaluation is affected by lots of uncertainties affecting both the structural response to 
the earthquake and the intensity of external actions.  
All the performance based design procedures taking into account post-earthquake fires 
scenarios pose as a fundamental step the evaluation of the state of the structure after the 
earthquake and in doing so an important part is represented by the evaluation of structural 
damage. However, no indication is given of means of quantifying this damage, which 
instead represents the main concern if the objective is to find some correlations between 
different levels of damage and the corresponding fire resistance rate of the building. 
Della Corte [Della Corte et al.,2003] proposed an approach in order to correlate seismic 
induced damage with the fire resistance rating of unprotected multi-storey steel moment 
frames. The seismic induced damage is assessed by means of a simplified 
schematization including two main components: geometrical damage and structural 
damage. The main assumption in the application of the method is that structural damage 
may be neglected at least in case of small values of the inter-storey drift angle and 
therefore only geometrical damage is considered. The paper shows that in steel moment 
frames designed according to both ULS and SLS requirements of EC8 the fire resistance 
rating is not affected by seismic induced damage under the design earthquake. 
In the framework of the above-mentioned work, an estimate of the seismic induced 
damage was made in terms of horizontal residual displacements by making use of 
incremental dynamic analysis. In this case, only the design earthquake was considered 
corresponding to a PGA=0,35 g and it was represented by several spectro-compatible 
artificial accelerogram. An example of the accelerogram used to model the seismic design 
action is shown in Fig.6-1. 
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Fig.6-1. Example of artificial accelerogram representing the design action (PGA=0,35g) 
Besides, in order to provide a realistic estimate of the residual inter-storey drift 
displacements, a hysteretic low was introduced to represent the cyclic behaviour of 
composite beams. This relationship was derived by cyclic tests on a full-scale specimen 
performed in the framework of the European Research Project PRECIOUS; the adopted 
constitutive low is shown in Fig.6-2. 
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Fig.6-2. Moment-rotation curve of the composite beam [courtesy from University of Trento] 
In the model used for dynamic analysis the actual clear span of beam and columns 
was taken into account by means of rigid offsets besides the length assigned to plastic 
hinges was the same adopted for pushover analysis and corresponding to the height of 
the beam and to the diameter of the column respectively. 
Dynamic analyses were then performed and the maximum obtained values of the 
residual inter-storey drift displacements were adopted to represent the seismic induced 
structural damage. The corresponding residual values of the absolute horizontal 
displacements in correspondence of each floor are shown in Fig.6-3. 
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Fig.6-3. Residual absolute horizontal displacements at each floor 
After the modelling of the seismic induced structural damage on the structure, the 
possibility of applying fire in different parts of the structure was also analyzed and 
discussed. Considering different scenarios, which may arise after an earthquake it is very 
important in fact it is known that changing the position of the heated parts may highly, 
affect the global structural response. Besides, small damages like the debonding of the 
steel sheeting from the composite slab were included. In each situation the most suitable 
fire scenario was chosen. 
In order to evaluate separately the influence of each of these post-earthquake design 
scenarios on the fire resistance rating of the composite frame, three study cases were 
presented as summarized hereafter: 
? Study case 1: debonding of the steel sheeting from the concrete slab (see Fig.6-
4a). Analyzing this scenario gave also the possibility of checking the validity of the 
assumption made by EC4-1.2, in which all calculations for the composite slab are 
made considering that the steel sheet is bonded to the concrete slab for all the duration 
of the fire. In this case, fire was applied at the first level, representing the worst fire 
design scenario in undamaged conditions. 
? Study case 2: simultaneous fire spreading at two different locations (see. Fig.6-4b). 
Considering that both from pushover and dynamic analysis it resulted that the ground 
floor and the first floor usually suffer the most extensive damages during a seismic 
event, the possibility of simultaneous fire spreading at these two different locations was 
evaluated. 
? Study case 3: seismic induced structural damage in terms of residual inter-storey 
drift displacements (see Fig.6-4c). In the evaluation of the fire resistance rating only the 
geometrical damage was considered while no account was taken of the degradation of 
both strength and stiffness. This was considered a reasonable assumption since from 
dynamic analysis it emerged that residual displacements in correspondence of the 
design seismic actions are usually quite low. Besides, the considerable level of 
overstrength normally exhibited by composite structures allows considering that the 
plastic demand is quite low. In this case, fire was applied once again at the first level 
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considering that the highest values of the residual inter-storey drift displacements 
normally verify at that location. 
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Fig.6-4. Post-earthquake fire design scenarios: analyzed study cases 
In the following sections each of the presented study cases is analyzed and discussed. 
6.2.1 Case study 1: debonding of the steel sheeting from concrete slab 
The first and simplest kind of damage to take into account was the effect of debonding 
of the steel sheeting from the concrete slab eventually induced by the cyclic action of 
earthquake loadings. The fire resistance rating of the frame was evaluated in order to 
assess the influence of the sheeting on the global behaviour of the frame. 
As a first step, it was checked if neglecting the steel sheeting affected in some way the 
temperature distribution in the composite slab, therefore a new thermal analysis of the 
cross-sections was developed. The temperature profile in the composite slab resulted 
unchanged as shown in Fig.6-5; this result was expected given the small thickness of the 
steel sheeting. 
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Fig.6-5. thermal analysis of composite slab with steel sheeting (SS) and without steel sheeting (NS) 
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Afterwards, the mechanical analysis of the frame was developed considering fire acting 
at the level of the first floor. This choice was made because this fire scenario represents 
the worst condition for the frame in undamaged conditions. Besides, choosing the same 
fire design scenario offered a better possibility of comparison with the reference case 
discussed in details in Chapter5. The results of this analysis are summarized and 
explained hereafter  
The displacements and the effects of actions were checked as well as the evolution of 
stresses in some critical cross-sections in order to detect the formation of the plastic 
mechanism leading to failure. 
The first thing to observe is that the mechanism leading to failure was the same as the 
reference case involving the formation of three plastic hinges in the long span beam, 
anyway the obtained fire resistance rating was inferior to the reference case and the 
reasons are explained hereafter. 
The evolution of vertical displacements at mid-span of the heated beams is shown in 
Fig.6-6 and compared with the reference case. 
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Fig.6-6. Evolution of vertical displacements at mid-span of the heated beams 
When the steel sheeting is neglected the beam suffers higher vertical displacements 
especially in the phase governed by catenary action; this happens because the steel 
sheet adds tensile strength and stiffness to the composite beam when loads are carried in 
tension and the beam hangs like a cable from the columns. It’s important to notice that the 
contribution of the steel sheeting appears relevant in the later stages of the fire when due 
to the elevated temperatures the steel sheet is usually supposed to have lost all its 
strength.  
The evolution of horizontal displacements in correspondence of the connections is 
shown in Fig.6-7. 
6. Post-earthquake fire performance of a composite Moment Frame 
- 186 - 
-8
-6
-4
-2
0
2
4
0 5 10 15 20 25 30 35 40
Time [min]
D
is
pl
ac
em
en
ts
 [c
m
]
F0
F0
F0F0
F0
F0F0
F0
F0
FB
7221 123
SS
NS
72-SS
72-NS
21-NS 21-SS
123-SS
123-NS
Fig.6-7. Evolution of horizontal displacements at the connections 
The shape of horizontal displacements is almost the same as the reference case; only 
the lower values obtained in absence of the steel sheeting are due to the inferior 
elongation of the heated concrete with respect to steel. 
Finally, the evolution of axial forces is shown in Fig.6-8. 
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Fig.6-8. Evolution of axial forces in the heated beams 
Once again the inferior values obtained for the peak axial compressive force, show that 
the beam is expanding less during the heating phase therefore the restraining 
compressive force offered by the columns is inferior. 
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The evolution of stresses in the three critical sections of the longest span beam 
including end-supports and mid-span was also checked and the obtained values were 
compared with the Yield limit provided by EC3-1.2. 
The evolution of stresses in the bottom flange, web and top flange of the composite 
beam at the three critical sections is shown from Figg.6-9 to 6-11. 
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Fig.6-9. Evolution of bottom flange stress in the three critical sections 
The evolution of stresses in the bottom flange is qualitative the same as the reference 
case which was explained in Chapter5, reaching yielding at mid-span in tension while at 
supports in compression. 
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Fig.6-10. Evolution of web stress in the three critical sections 
The steel web at the three critical cross-section yielded in compression at supports and 
in tension at mid-span. 
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Fig.6-11. Evolution of top flange stress in the three critical sections 
Finally the analysis of the state of stress in the top flanges explains the inferior 
resistance rating of the frame in case of debonding of the steel sheeting from concrete 
slab; in this case, the higher tensile stresses in the top flange lead to early yielding. The 
top flange in fact cannot take advantage from the contribution of the steel sheet when 
acting in tension, and the top flanges yield in tension at the three critical cross-sections at 
the same time. 
Concluding, the presence of the steel sheeting enhances the behavior of the frame, 
controlling the vertical displacements at mid-span of the heated beams; however the 
enhancement in the fire resistance rating of the frame is quite small, only the 7%; 
therefore from the obtained results is shown that the global behavior of the frame is quite 
comparable with that of the reference case. Besides, the Code assumption of considering 
the steel sheeting bonded to concrete for all the duration of the fire is not on the safe side 
even if not too dangerous. 
6.2.2 Case study 2: simultaneous fire spreading in adjacent 
compartments 
In the second case study, the possibility of fire heating two adjacent compartments was 
considered. This represents a realistic pot-earthquake fire design scenario because the 
first two levels normally suffer the more extensive damages during the earthquake and 
therefore there is a high possibility that a fire starts simultaneously at these two different 
locations. 
In this situation, the composite beams at the first level result heated on four sides so 
that also the top layer of the concrete slab is directly exposed to fire. The new boundary 
conditions and the distribution of temperature in the composite beam after 30 min of fire 
exposure are shown in Fig.6-12. 
6. Post-earthquake fire performance of a composite Moment Frame 
- 189 - 
11 111 11
1
111 1
1
11
1
1
1
1
1
1
1
1
1
1
1
1
1
1
1
1
1
1
11111 11
11 11111 11111 111111
1 1 1 1 1 11
1 1 1 1 1 11
1 1 1 1 1 11
1 1 1 1 1 11
1 1 1 1 1 11 1 1 1 1 1 1 1 1 1
11 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1
FILE: H10944S-FISO
NODES: 1542
ELEMENTS: 1390
SOLIDS PLOT
FRONTIERS PLOT
 
STEELEC3
STEELEC3
SILCONCEC
STEELEC2
FISO1
FILE: H10944S-FISO
NODES: 1542
ELEMENTS: 1390
SOLIDS PLOT
TEMPERATURE PLOT
TIME: 1800 sec
821,90
728,90
635,90
542,90
449,90
356,90
263,90
170,90
77,90
Fig.6-12. Boundary conditions and distribution of temperature in the four side heated beam 
After 30 minutes, in the upper part of the composite slab, only the first layers have a 
temperature above 250°C meaning that there is still a high reserve of strength available; 
in the lower part, the evolution of temperature is almost the same as in three-side 
exposure. The situation is well described by the distribution of temperature at the mid-line 
centre of the cross-section as shown in Fig.6-13. 
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Fig.6-13. Distribution of temperature at the mid-line centre of the composite beam 
The upper layers of the concrete slab are affected by a high thermal gradient, which 
increases with the gas temperature; anyway, the position of the steel re-bars is such that 
even after 60 minutes they retain full strength having a temperature inferior to 400°C. 
The beams at the second level are normally heated on three sides, while the columns 
both at the ground floor and at the first level are considered uniformly heated.  
For this design scenario, the analysis mainly focused on the two heated beams with the 
longest span identified in the following as F1, meaning the heated beam at the first floor 
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and F2, meaning the heated beam at the second floor. The evolution of axial force in the 
beams F1 and F2 is shown in Fig 6-14 and it is compared with the same quantity obtained 
for the fire scenarios A and B introduced in the previous Chapter. 
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Fig.6-14. Evolution of the axial force in the heated beams – Comparison with other scenarios 
In this case, the maximum value of axial force is about one third of the value obtained 
in the two other scenarios. This is due to the increased flexibility of columns which are 
now heated on two floors thus offering less degree of axial restraint to the composite 
beams during the phase governed by thermal elongation. For the same reason, the 
columns are not able to provide the same sustain during the phase governed by catenary 
action.  
The evolution of horizontal displacements of the beam F2 is shown in Fig.6-15 where it 
is compared with the same quantity obtained for the beam in fire scenario B for normal 
heating conditions. 
-6
-4
-2
0
2
4
6
8
10
12
14
16
0 5 10 15 20 25 30 35 40
Time [min]
D
is
pl
ac
em
en
ts
 [c
m
]
F0
F0
F0F0
F0
F0F0
F0
F0
F0
F0
F0F0
F0
F0F0
F0
F0
F2
F1
FB
21 72 123
21 72 123
21-F2
72-F2
123-F2
72-FB
21-FB
123-FB
 
Fig.6-15. Evolution of the horizontal displacements – Comparison with scenario B 
6. Post-earthquake fire performance of a composite Moment Frame 
- 191 - 
For the first two phases the evolution of the horizontal displacements at the beam-to-
column joints in the two scenarios is quite similar; of course in the case of fire heating two 
adjacent floors the values are a little bit higher because the degree of axial restraint 
offered by the column is smaller. With the beginning of the third phase governed by 
catenary action the shape of displacements changes completely outlining the tendency of 
the left and central columns to deflect inwards since they are pulled by the bowing beam. 
The same situation applies for the beam F1 if compared with the heated beam in the 
fire scenario A, as shown in Fig.6-16. 
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Fig.6-16. Evolution of the horizontal displacements – Comparison with scenario A 
Finally, the evolution of vertical displacements at mid-span of the composite beams is 
shown in Fig.6-17. 
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Fig.6-17. Evolution of vertical displacements– Comparison with other scenarios 
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The picture clearly shows the tendency of the beams to move towards run-away 
deflections once the catenary action begins, anyway this is prevented by the weakened 
columns allowing for higher vertical displacements if compared to the situations in which 
only one floor is heated from below. For the same reason, in the first phases vertical 
displacements are lower in fact, the columns allow the beams to expand more so that 
there is less necessity to accommodate the restrained thermal elongation through bowing 
deflections. 
The explained behavior is well represented by the deformed shape of the frame in the 
three main identified behavioral phases as shown in Fig.6-18. 
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Fig.6-18. Deformed shape. a) restrained elongation. b) thermal bowing. c) catenary action 
The state of stress of the composite slab was also checked; in particular, the cross 
sections at mid-span of the four side heated beam was considered. The composite slab at 
the beam to column connection is completely cracked since the first phases of analysis 
due to the high values of hogging bending moment. Besides, in order to evaluate the state 
of stress in the concrete slab at mid-span of beam F1, the first three layers of concrete 
starting from top slab were considered as shown in Fig.6-19; the obtained values were 
compared with the corresponding compressive strength as given by EC2-1.2. 
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Fig.6-19. Stress in the first layers of the concrete slab at mid-span of beam F1 
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It is possible to observe that at the time of failure only the first two layers have reached 
the compressive strength. The first crushing in the upper concrete layer happens more or 
less when the beam starts to carry loads in catenary action and it is possible to observe 
that in the phase governed by thermal bowing the compressive stress increase rather 
quickly due to the sudden deflection of the beam. Anyway due to the high thickness of 
concrete, even if the top slab is directly heated, only the very first layers reach the 
compressive strength. 
The same representation is given in Fig.6-20 for the concrete slab at mid-span of the 
beam F2, which is heated only from three sides. 
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Fig.6-20. Stress in the first layers of the concrete slab at mid-span of beam F2 
It’s possible to observe that in this case the values of stress reaches the compressive 
strength only in the top layer of the concrete slab, in this case in fact, the top of the slab 
has lower temperatures and therefore suffers from less damage. 
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Fig.6-21. Stress in the bottom flange for critical cross sections in beam F1 and F2 
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The state of stress at the critical cross-sections of the beam F1 and F2 was analyzed. 
Results are shown in Fig.6-21 and 6-22 for bottom and top flange, respectively.  
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Fig.6-22. Stress in the bottom flange for critical cross sections in beam F1 and F2 
It is possible to observe that yielding is reached in the bottom flange simultaneously for 
the two beams both at mid-span (in tension) and at supports (in compression), while top 
flange only yields at mid-span.  
Finally, the composite columns were checked; in general, it resulted that the state of 
stress in the steel re-bars was very high in all the critical cross sections near the beams’ 
end supports. This situation is shown in Figg.6-23 and 6-24, for the top interior and top 
exterior columns respectively 
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Fig.6-23. Stress in the steel re-bars at the top interior column (35) 
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Fig.6-24. Stress in the steel re-bars at the top exterior column (60) 
The higher tensile stresses in the re-bars is probably because the columns being 
heated on two floors result more flexible and are subjected to higher displacements 
especially at the top sections in proximity of the heated beams. This fact in some way 
relieves the tensile stress at the top flanges of the beams, while the re-bars in the columns 
yields quickly in tension. 
Further investigation is needed anyway it seems that in this design scenario, failure is 
due not only to extensive damage in the heated beams but in the heated columns as well, 
anyway it’s possible to assess that even in this situation the global behaviour of the frame 
results satisfactory.  
The obtained fire resistance rating was nearly 30 minutes, thus showing a reduction of 
23% with respect to fire scenario A and a reduction of 20% with respect to fire scenario B. 
6.2.3 Case study 3: residual inter-storey drift displacements 
The last study case involved the analysis of the effects of seismic induced structural 
damage on the fire resistance rating of the frame.  
Structural damage was introduced at each floor in terms of residual inter-storey drift-
displacements; afterwards the heating conditions were applied. It was observed that for 
the small values of the residual inter-storey drift displacements obtained for the design 
seismic action, the behaviour of the frame during fire exposure resulted almost the same 
as in undamaged conditions.  
The reason to this fact may be explained thinking of the fact that the longest span 
beam often resulted the weak element of the frame both for seismic and fire design 
conditions. In previous Chapter it was shown that an important parameter affecting the 
behaviour of an heated beam was the degree of restraint offered by the supports. 
Therefore, if in presence of small residual displacements the composite columns do not 
suffer from particular damage, it is possible that the heated beam behaves in the same 
way without caring for an initial “off-set” of the supporting column. 
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This situation is shown in Fig.6-25 where the deformed shape of the frame is shown 
during the usual three identified phases of behaviour developing in the fire situation. 
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Fig.6-25. deformed shape of the frame during fire exposure including the effects of structural damage 
The evolution of displacements and axial forces in the heated beams was also checked 
and confirmed what emerged from the analysis of the deformed shape. 
The evolution of vertical displacements is shown in Fig.6-27 where it is compared with 
the reference case analyzed in previous Chapter. 
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Fig.6-27. Vertical displacements at mid-span for the “damaged” frame – comparison with F2 
It is possible to observe that the evolution of vertical displacements at mid-span of the 
heated beams is almost the same both in damaged and undamaged conditions. 
The same situation applies for horizontal displacements as well, as shown in Fig.6-28. 
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Fig.6-28. Horizontal displacements at mid-span for the “damaged” frame – comparison with F2 
Even in this case, a part from the initial “off-set” due to the imposed residual inter-
storey drift displacements, their evolution is the same as in the reference case, meaning 
that the behavior of the beam is the same. 
Finally, the evolution of axial forces in the beam is shown in Fig.6-29. 
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Fig.6-29. Evolution of axial force in the heated beams – comparison with reference case 
Concluding, it is possible to assess that at least in the examined case in which the 
value of residual inter-storey drift displacements is quite small, the fire resistance rating of 
the frame is not affected by the presence of structural damage. 
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6.3 Conclusive remarks 
In the last part of this work the post-earthquake fire resistance rating of the composite 
frame was analyzed and discussed. In particular, three design situations were taken into 
account one of this including the presence of structural damage which was determined in 
terms of residual horizontal displacements at the level of each floor by making use of 
dynamic analysis.  
The other investigated situations involved the presence of debonding of the steel 
sheeting and the possibility of simultaneous fire spreading at two locations. 
Results from analysis showed that the worst condition for the frame was represented 
by simultaneous fire spreading reducing its fire resistance rating of about 20% with 
respect to the reference case. The debonding of the steel sheeting slightly affected the fire 
resistance rating causing a reduction of less than 10%. Finally the presence of structural 
damage seemed not to affect the performance of the frame in fire conditions. 
Of course, for what concerns the last situation the analysis of only one case doesn’t 
allow drawing any general conclusion in fact an extensive parametrical analysis would be 
needed in order to define a correlation between the following parameters: 
? severity of the seismic action 
? intensity and distribution of damage over the structure  
? position of the heated compartment in the building 
Besides, the introduction of mechanical damage at the level of cross-section also in the 
fire situation is an important point which needs extensive investigation and further 
research. 
Anyway, from this first insight into the matter it is possible to make some consideration. 
First of all the fact that the design of a well engineered structure with respect to seismic 
actions is the first fundamental step in order to obtain a good behavior also for fire 
conditions. In fact, limiting the structural damage has two beneficial effects: the first and 
more obvious is that the fire resistance rating of the building is scarcely affected and the 
second is that also the damage to non-structural elements is reduced thus limiting the 
probability of occurrence of new critical scenarios such as the simultaneous spreading of 
fire in different positions. 
Besides, it is confirmed that in order to obtain a good global performance with respect 
to the design actions the stability of columns is vital especially because in the fire situation 
their behaviour can highly affect the performance of a heated beam. 
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Chapter 7 
Conclusions and future work  
7.1 Conclusions and future work 
In the introduction to this work the importance of considering a post-earthquake fire 
scenario was outlined; in fact, several historical events demonstrated that for building 
structures, the severity of a fire spreading after an earthquake can produce much more 
damage than the earthquake itself and therefore also the probability of life loss is highly 
increased. 
The direct consequence to this fact is the necessity of introducing a post-earthquake 
fire scenario in current design practice but in order to get this objective it essential to 
define adequate performance objectives and most of all to assess the suitable methods in 
order to evaluate and quantify such performances. 
Most of the works found in the literature mainly address the problem on a large scale 
by considering the damage produced by post-earthquake fire mainly to the built 
environment. Little attempt was made instead to predict and quantify damage to specific 
building elements and structural systems as well their impact on life safety. 
Only some recent works proposed a performance-based methodology aiming at the 
introduction of a post-earthquake fire scenario into the design process and involving both 
the evaluation of the fire risk assessment in the new situation and the state of the 
structure after the seismic event. After these steps, eventual modifications to the original 
design are required by following an iterative procedure. However, no practical means of 
estimating nor the seismic induced damage nor the performance objectives is offered, 
even if the importance of a multidisciplinary design approach is recognised.  
In order to promote the necessary harmonization among the different parts composing 
the Eurocodes, it’s very important to define at the design level some possible correlations 
existing between the offered performance under seismic and fire loadings when these two 
are considered as independent events. In this way it is possible to obtain a well 
engineered structure with respect to both the design actions and which can offer also a 
satisfactory behaviour in the case of a post-earthquake fire scenario. 
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The philosophy adopted in this work consisted in realizing an earthquake resistant 
structure but introducing at the conceptual level since the early stages of design the 
possibility of a fire design scenario meaning a careful choice of the adopted structural 
solution. Only in second phase the fire performance of the seismic resistant structure was 
evaluated and quantified. In doing so, the main effort was devoted to the understanding of 
the effective behaviour of the structure in fire without limiting the analysis results to the 
obtainment of the value of the fire resistance rating, meaning it in a prescriptive rule way. 
The Cardington Fire tests showed that only when considering the whole structure 
behaviour in fire by taking into account all the interaction phenomena between the heated 
parts and the surrounding structure it is possible to obtain structural solutions offering 
better performances. Besides, understanding the effective structural behaviour in fire is 
the only possible way of realizing unprotected structures thus obtaining more cost-
effective design solutions thanks to the elimination of the traditional protections systems.  
Taking into account all the previous considerations, the proposed structural solution for 
the high ductility moment resisting frame included circular concrete filled composite 
columns acting in combination with composite beams. In fact it was shown that with this 
kind of column, only using a “full” composite structural solution it was possible to obtain a 
frame with a sufficient global lateral stiffness in order to fulfil the limitations imposed by the 
inter-storey drift and sensitivity coefficient checks.  
The choice of such structural solution revealed its advantages also in terms of fire 
performance; in fact, an important parameter for the structural behaviour in case of fire is 
given by the relative flexural stiffness between beam and column elements. In fact, having 
very stiff columns with respect to the beams may induce in the beams high values of the 
axial force because of the highly restrained thermal elongation and this may induce the 
formation of local instability phenomena, commonly the buckling of the lower flange. To 
avoid this situation is even more important when dealing with the necessity of realizing 
moment connections, which is the standard condition in seismic zones. In this case in fact, 
beams’ end are also rotationally restrained and the consequence is the development of 
high hogging bending moment in the region of connection leading once again to possible 
local buckling phenomena. Besides, structural solutions including columns stiffer than the 
beams ease the formation of plasticization in column elements, thus causing more risk to 
the global stability of the structure. On the other hand, a certain amount of axial restraint 
provided by the columns is important for the surviving of the heated beams helping them 
to bear loads in catenary action which is the typical resistant mechanism developing in 
large displacements regime allowing the beam to survive in the fire situation and thus 
increasing its fire resistance rating. 
In trying to trace an analogy with the seismic design philosophy accounting for a 
hierarchy resistance criterion aiming at the obtainment of “strong column-weak beam” 
solutions, we might say that in a fire resistance design philosophy it would be preferable to 
obtain “non strong columns” with respect to the beams, for what concerns flexural 
stiffness. To fulfil both of these requirements is possible only by making use of “full” 
composite solutions in which the contribution to the global lateral stiffness of the frame is 
not entirely offered by the columns but by the beam elements as well. 
The analysis developed in present work for what concerns both seismic and fire 
loadings showed that with the proposed solution it was possible to fulfil the above 
mentioned objectives thus obtaining a satisfactory performance with respect to both the 
design actions when considered to act independently. Besides, the evaluation of different 
post-earthquake fire design scenarios confirmed the fact that a well engineered structure 
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with respect to seismic actions but designed at the conceptual level by taking into account 
also fire loadings, can offer a satisfactory performance even when fire is considered as an 
earth-quake induced hazard. 
In developing the phases of design and the evaluation of structural performance both 
for earthquake and fire resistance, all the difficulties faced in the application of current 
Codes were outlined and discussed. In particular, it was evident that for the time being the 
proposed procedures are not easy to use since they do not provide any practical 
correlation between the two design fields; and limiting as a matter of fact, the obtainment 
of effective multidisciplinary design objectives. 
For what concerns seismic actions, the ductility design approach provided by the Code 
revealed is lack of effectiveness at least for what concerns its application in the linear 
method. In fact, following this procedure it is not possible to obtain an optimized solution in 
terms of structural weights; consequently the higher costs sustained for structural detailing 
in order to obtain a sufficient available local ductility are not balanced by the cost savings 
in terms of members’ sizing which instead would be expected when allowing for reduced 
strengths. 
These concepts were outlined in Chapter 4 of present work where the choice of the 
most suitable structural solution with respect to the design objectives was presented. 
Three different structural types raging from bare steel to full composite solution designed 
to resist earthquake loadings following the ductile design approach given in EC8-1.1 were 
analyzed. The influence of the behaviour factor was assessed by designing the frame in 
each set with reference to three ductility classes, namely LDC (q=2), MDC (q=4) and HDC 
(q=6). The results coming from the design phase outlined the following points: 
? for each analyzed structural solution changing the ductility class and hence the 
value of the behaviour factor q did not affect the sizing of structural members; in fact 
the same cross sections were obtained for each adopted ductility class 
? the sizing of beam elements for each analyzed structural solution was governed 
by vertical loads in the static combination 
? the dimensioning of column elements can be highly influenced by the limitations 
imposed by inter storey drift and sensitivity coefficient requirements, especially when 
second order effects are neglected. Of course, the governing parameter to satisfy 
these checks is represented by the global lateral stiffness of the frame but while in 
solutions including bare steel beams this is mainly dependent on the stiffness of 
columns, in the full composite solution it can be highly enhanced also by the flexural 
stiffness on the beams, thus allowing for a certain margin in the dimensioning of 
columns’ sections. Anyway, even using a full composite solution the advantages 
obtained in terms of members’ sizing were not substantial. 
? concrete filled columns confirmed their inherent good fire resistance being able to 
sustain higher values of the applied loads during the fire exposure, as it was shown by 
the development of the interaction domains at elevated temperatures. For this reason 
the full composite solution including this column type was preferred to the others and 
chosen as study case. 
The seismic performance of the composite frame was then evaluated by making use of 
non-linear static analysis under different sets of applied horizontal loads. Results from this 
analysis showed the satisfactory performance of the frame under the seismic design 
actions. The designed frame showed in fact a sufficient available global ductility with 
respect to the seismic demand which determined in terms of target displacement. In doing 
so the graphical procedure given by EC8 was followed and afterwards the obtained 
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results were compared with some relationships found in the literature linking the values of 
reduction factor, global ductility and period of the simplified equivalent one degree of 
freedom system. Results were all in good agreement and showed that the Code was a 
little bit over conservative and hence on the safe side. 
Even if seismic performance was satisfactory it has to be said that it was comparable 
with that offered by the other structural type solutions as it was shown in a previous work 
[Alderighi et al.,2007]; therefore, if considering only seismic actions, full composite 
solutions do not offer great advantages. Finally, different definitions of the over-strength 
factor were considered and used to determine the structural over strength; the obtained 
results confirmed that the designed composite frame possessed a high amount of over-
strength, thus valuing the ineffectiveness of the Code based seismic design procedure 
which as a matter of fact, does not respect the main principle on which it is based. 
The structural fire performance of the designed composite frame was then analyzed 
and evaluated as it explained in details in Chapter 5 of present work. First of all, the 
applicability of simplified methods provided by the Code was checked and their limited 
field of usage was outlined; in fact, it was possible to apply them to determine the fire 
resistance of composite beam and slab, but not of the composite column. 
Besides, simplified methods confirmed their inadequateness being highly conservative 
in nature. For instance, the fire resistance rating determined for the composite beam 
resulted of nearly 15 minutes, which is far above from the nearly 40 minutes obtained 
when performing the analysis of the complete frame. Even in this case, the cost 
effectiveness of the design solution is lost. In fact, by making use of the simplified design 
methodologies given by the current Code in order to obtain the required fire resistance 
times, it is seldom possible to avoid the application of standard insulation materials thus 
adding to the cost of construction even up to 30%. This is due to the fact that the 
proposed models do not take into account the effective restraining conditions to which a 
structural element is subject when acting as a part of a complete frame, as the Cardington 
Fire Tests and observations from real fires showed.  
For this reason in present work particular attention was given to the assessment of the 
effective restraining conditions when performing the thermo-mechanical analysis of the 
complete frame. To this purpose the behaviour of the heated beam in the frame was 
compared with the behaviour of isolated members subject to ideal support conditions, 
ranging from the pin-roller case (in which the beam is both axially and rotationally 
unrestrained) to the fixed-fixed case (in which the beam is both axially and rotationally 
restrained). Results from this analysis showed that the beam with ideal fixed-slide support 
conditions offered the best approximation of the behaviour of the beam in the frame. This 
at least until the beginning of the third phase governed by catenary actions developing in 
large displacements regime, in which the presence of columns even if possessing very 
low flexural stiffness is vital to avoid the run-away failure. Anyway, analysis confirmed that 
the flexural stiffness of the column was comparable with that of the beam, allowing for 
substantial horizontal displacements during the phase governed by restrained thermal 
elongation. 
Besides, in order to fully understand the effective behaviour of the composite frame 
during fire exposure the state of stress in some pre-defined critical cross-sections both for 
beam and column elements was analyzed and explained in details. In particular, the 
evolution of stresses in the beams’ bottom flange, web and top flange was analyzed and 
compared with the evolution of both the proportional limit and effective yield as given by 
the material constitutive laws, in order to capture the approaching of some critical 
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conditions for the analyzed structural elements. For the columns, relevant importance was 
given to the evolution of stress in the re-bars and in the steel tube. Results from the 
analysis showed that the “failure” of the frame could be assessed by the approaching of 
an incipient collapse state involving extensive plasticization of the analyzed steel beams’ 
components both near the supports and at mid-span. For what concern composite 
columns, no relevant damage was assessed a part the plasticization of some rebar 
especially at the top of the exterior column, anyway concrete filled columns confirmed 
their inherent fire resistance contributing to enhance the global stability of the frame. 
The emphasis posed in the analysis to understand the mechanical phenomena taking 
place in fire outlined the need to shift from the concept of fire resistance to the concept of 
fire performance and posed it as a challenging topic. For the time being a gradual change 
towards the development of fire performance based is on going in different countries, but 
lots of work as to be made. In fact, in order to make performance based Codes for fire 
design a reality, it is necessary a big amount of experimental data deriving from full-scale 
tests and possibly using natural fires heating curves in order to observe the real structural 
phenomena developing during a fire. In fact, only collecting a sufficient amount of 
experimental data it is possible to validate the numerical models which are evolving and 
increasing in complexity. Anyway, it easy to understand that on one side such 
experimental tests result highly expensive while on the other hand the adoption of highly 
sophisticated numerical models makes them not easy to use in current design practices. 
A possible solution to these problems could be represented by the development of 
easy-to-us design tools as a practical means to develop the design procedure without 
being forced to make gross approximations which normally do not allow the obtainment of 
cost-effective solutions. 
In present work a first step in such direction was made, as explained in Chapter 5, by 
developing interaction curves at elevated temperatures to be used for the assessment of 
the load bearing capacity in fire of beam-column cross-sections. In doing so, account was 
taken not only of the variation of mechanical material properties with temperature but also 
of the effective temperature distribution in the cross-sections and this represented the 
most important feature for realistic practical applications. A possible step forward could be 
represented by the parameterization of such curves in function of different parameters 
such as: cross-section type, heating boundary conditions or heating curve typology. 
Therefore the use of such curves to check the effective load-bearing capacity together 
with the use of simplified analytical models able to capture the realist behaviour of a 
structural member by taking into account the effective restraining conditions could 
represent a possible way in order to develop the calculation procedures proposed in the 
Code. 
Another important point needing further study and research is of course the analysis of 
the behaviour of the proposed beam-to-column connection in fire. Concerning this topic 
only a preliminary study is developed in this work represented by the thermal analysis of 
the different parts of the connection. The ISO 834 Standard heating curve was adopted 
also because it is used in the standard furnace tests which are now on going at the British 
Research Establishment on a full-scale specimen. Therefore once the experimental data 
will be available a validation of the numerical model will be possible and afterwards the 
following step will concern the study of the mechanical behaviour of the connection in fire. 
As outlined in the introduction, the importance of introducing a post-earthquake fire 
scenario into the design process cannot be overlooked and the necessary means to 
estimate the fire resistance rating of a building structure in this new situation are needed. 
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To this concern was devoted Chapter 6 of present work in which three study cases were 
analyzed taking in consideration three possible post-earthquake fire scenarios, one of 
these including also the presence of structural damage which was determined in terms of 
residual horizontal displacements at the level of each floor by making use of dynamic 
analysis. The other investigated situations involved the presence of debonding of the steel 
sheeting from the concrete slab and the possibility of simultaneous fire spreading at two 
locations. Each damage condition was evaluated separately in order to assess the 
influence on the fire resistance rating. The same means of analysis carefully explained in 
Chapter 5 were adopted. 
Results from analysis showed that the worst condition for the frame was represented 
by simultaneous fire spreading reducing the fire resistance rating of about 20% with 
respect to the reference case. The debonding of the steel sheeting slightly affected the fire 
resistance rating causing a reduction of less than 10%. Finally the presence of structural 
damage seemed not to affect the performance of the frame in fire conditions. 
Of course in this last case, further research is needed also for what concerns the 
analysis of the structural fire performance of the frame after seismic induced structural 
damage. In particular, the main concern is related to a suitable characterization of the 
structural damage derived by earthquake and afterwards lots of parametrical analysis is 
needed in order to correlate the identified damage wit several factors including: severity of 
the seismic action, intensity and distribution of damage and external heating conditions. 
By analyzing this amount of data it would possible to extrapolate some useful indications 
to be introduced into the design process thus contributing to the development of a multi-
objective design oriented philosophy. 
